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height . 
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Height of the rubble mound (vertical breakwaters). 
Reduced run up height. 
H.W.L. 
i, 
i," 
i, 
i, 
k 
Ks 
KR 
Water depth at  the toe of the structure. 
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Total design water depth hto: = h, + q, f c. 
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Incident wave height. 
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External load applied to the foundation from the caisson. 
Bearing load values, for n=1,2 ... . 
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Hasofer and Lind Reliability index, the same as B. 
Coefficients for the incident wave height in the surf zone. 
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p/pw - 1, Where p and p, ase mass density of armour and sea 
water. 
Empirical coefficients (impulsive wave action) n=1,2, 1 1, 2 2 . 
Elevation to which the wave pressure is exerted (Goda formula). 
Storm surge elevation. 
Average density of the caisson or crown wall. 
Average density of the rock material. 
Average mass density of the sea water. 
Average density of water. 
Specific mass density of water. 
Specific mass density of the rubble mound. 
Coefficient for the incident wave angle (overtopping short crested 
seas). 
Coefficient for the directional energy spreading (overtopping short 
crested seas). 
,,t,, Coefficient for the geometry of the vertical breakwater (overtop- 
ping short crested seas). 
Angle of dilation of the rubble mound (materiai property). 
Angle of dilation of the subsoil (material property). 
Effective friction angle. 
Effective friction angle of the rubble mound. 
Effective friction angle of the subsoil. 
Reduced effective friction angle. 
Reduced effective friction angle for the rubble mound. 
Reduced effective friction angle for the subsoil. 
Geometrical angle in degrees or radians. 
Angle of the incidence waves (angle between wave crest and front 
of structure). 
Mean value of the stochastic parameter Xi. 
Takayama's friction coefficient . 
Stress or directionai spreading in a short crested sea. 
Standard deviation of the stochastic parameter X;.  
Displacement vector of stiff zones of soil , n=1,2,3.. 
Horizontal displacement vector of stiff zones of soil , n=1,2,3.. . 
Vertical displacement vector of stiff zones of soil , n=1,2,3.. . 
Tidal elevation. 
The surf similarity parameter based on the deepwater wave length. 
Average surf similarity parameter. 
Abstract 
Breakwater design methods have been improved over the past years, especially 
the mathematical formulations of the failure mechanisms. In the case of rubble 
mound breakwaters, and vertical breakwaters, the last decade has been used to 
develop methods to evaluate e.g. the wave loads and hydraulic response, but in 
one area information has been lacking; bearing capacity has not been treated in 
depth in a probabilistic manner for breakwaters. 
Reliability analysis of conventional rubble mound breakwaters and conventional 
vertical breakwaters is exemplified for the purpose of establishing new ways of 
approaching design problems in an early stage of breakwater design. 
The deterministic design of rubble mound breakwaters with emphasis on the 
armour layer, toe berm and crown wall, and conventional vertical breakwaters is 
reviewed. Breakwater failure modes are reviewed with emphasis on establishing 
new methods to design certain types of breakwaters. 
Reliability analyses of the main armour and toe berm interaction is exemplified 
to show the effect of a multiple set of failure mechanisms. First the limit state 
equations of the main armour and toe interaction are derived from laboratory 
tests performed by Bologna University. Thereafter a multiple system of failure for 
the interaction is established. Relevant stochastic parameters are characterized 
prior to the reliability evaluation. 
Application of reliability in crown wall design is illustrated by deriving relevant 
single foundation failure modes in the rubble mound only. A crown wall with a 
plane base and with an extended leg on the seaward side is analysed. Relevant 
stochastic parameters are characterized prior to a reliability evaluation. The 
reliability is performed with real sea states to measure the influence of the chosen 
deterministic design. 
Reliability based design of conventional ueitgcal breakwaters is considered. Prob- 
abilistic models of important failure modes such as sliding and rupture failure in 
the rubble mound and the sand or clay subsoil are described. Characterization 
of the relevant stochastic parameters are presented, and relevant design variables 
are identified. The long-term goal is to be able to determine an optimal based 
design of vertical breakwaters where all relevant failure modes are modelled as 
components in a series system. 
Dansk Resumé 
Der er sket fremskridt på det vandbygningstekniske område inden for den fys- 
iske formulering af de brudmåder, der indgår ved kystkonstruktioner. Inden for 
det sidste årti er der videreudviklet metoder til at bestemme f.eks. bvlgelaster 
og hydraulisk respons for stenkastings- og vertikalmoler. Endnu mangler der 
informationer om, hvorledes bæreevnestabilitet skal behandles på probabiiistisk 
vis i design af kystkonstruktioner. 
Pålidelighedsanalyse af konventionelle stenkastningsmoler og vertikalmoler er ek- 
semplificeret med henblik på at etablere nye måder at behandle design problemer 
på et tidligt planlægningsstadium. 
Det deterministiske design af stenkastningsmoler med henblik på dæklag, tå og 
- 
b0lgeskzrmstabilitet s&t konventionelle vertikalmoler er gennemgået. ~ 0 1 ~ ;  
brydernes svigtformer er gennemgået med henblik på at etablere nye metoder til 
design af bestemte typer bvlgebrydere. 
Palidelighedsanalyse af dæklag og tå interaktion er eksemplificeret for at vise den 
kombinerede effekt af svigtformerne. Fvrst ved at udlede de fysiske ligninger fra 
laboratoriefors0g udfort af Bologna Universitet. Derefter ved etablering af et 
kombineret svigt,system for interaktionen. Karakterisering af relevante stokas- 
tiske parametre forend pålidelighedsevaluering. 
Anvendelse af pålidelighed i bvlgeskærmsdesign, baseret på udledelse af bære- 
evnebrudformer i stenkastningsmolen. En bolgeskærm med en plan bund og med 
en fod på svsiden er blevet analyseret. Karakterisering af relevante stokastiske 
parametre for at etablere en påiidelighedsevaluering er gennemfort. Pålideligheden 
er udfort med virkelige sotilstande, for at måle indflydelsen af de valgte determ- 
inistiske design. 
Pålidelighedsbaseret design af konventionelle vertikalmoler er behandlet. Prob- 
abilistiske modeller af forskellige svigtformer, såsom glidning og bæreevnesvigt i 
stenkastningsvolden samt sand- og lerundergrund er beskrevet. Karakterisering 
af relevante stokastiske parametre er præsenteret og relevante design variabler er 
identificeret. Det langsigtede mål er at specificere optimal design af vertikalmoler 
i et serielt system af svigtformer bestående af bæreevnebrud. 
Introduction 
A number of breakwater failures has been reported during the last 20 years 
for rubble mound breakwaters as well as for vertical breakwaters, e.g. Bilbao 
(Spain), TPripoli (Libya), and Mutsu-Ogawara Port (Japan). This has resulted 
in new ways of approaching the design problems related to breakwaters. Prob- 
abilistic methods are being brought forward as an alternative to deterministic 
methods to solving breakwater design problems in the early stage of planning. 
Conventional deterministic design of breakwaters is based on the design load 
philosophy which cannot exceed the resisting load (carrying capacity) of the 
breakwater. The design load is usually based on the typical probabilistic mean 
value for the 50 year return period, often without taking the uncertainties of 
the applied design load into consideration. The resistance is exemplified as the 
reaction of the design load in terms impact and damage to the breakwater, but 
not the ultimate deformation of the structure. Most design formulae are based 
on wave characteristic and structural and hydraulic response of the breakwater, 
e.g. sliding of acaisson/crown wall, static stability, overtopping, overturning 
etc.An example is static stability of the armour layer (rubble mound breakwater). 
Almost all such design formulae are semi-empirical and centrally fitted to smal1 
scale model test results. The test results include a considerable amountof scatter 
and the uncertainty of the scatter related to the expected value is not considered 
in conventional (deterministic) design of the breakwater. 
Probabilistic modelling of structures irnproves feasible decision making, but at 
the same time requires improved knowledge of the statistical properties of design 
and resistance loads. This is clearly an important step towards obtaining a 
rational assessment of the reliability of breakwaters. 
Regardless of the amount of information available the uncertainties cannot be 
completely eliminated. The uncertainties originate from inherent random fluctu- 
ations, incomplete statistical information, model idealization and lastly human 
errors. 
1.1 Rubble mound breakwaters 
Rubble mound breakwaters are normally divided into conventionally designed 
structures with a stable armour layer and structures where the armour layer is 
allowed to reshape. 
Reshaped breakwaters are usually defined as berm breakwaters, which are de- 
signed so that the armour layer on the seaward side can be rearranged by the 
wave load to a state of equilibrium. Berm breakwaters are not constructed with 
a crown wall. 
Conventional rubble mound breakwaters are constructed so that little or no 
movement of the armour layer is accepted on the seaward side. Conventional 
rubble mound breakwaters are often constructed with a crown wall compared to 
berm breakwaters. In the following the term rubble mound breakwater will be 
used instead of conventional rubble mound breakwater 
Rubble mound breakwaters are built up of different materials. Especially the 
outer layer of a rubble mound breakwater can consist of Rocks, Cubes, Dolosses, 
Tetrapods, Accropod, Cob, see Burcharth (1993). The inclination of the seaward 
slope often determines the type of armour to be used. Inclination of rubble 
mound breakwaters are usually in the range of 1:1.5 to 1:3.5. The core usually 
consists of fine material, and a filter layer and a underlayer are placed under the 
armour layer to prevent wash out of the finer material. Typical cross sections of 
a rubble mound with a crown wall and without a crown wall are presented figure 
1.1 
Rubble mound breakwaters in recent years have been constructed in deep water 
as vessels grew in size. The increase in water depth has simultaneously increased 
the vulnerability of wave impact on breakwaters in comparison to breakwaters 
in shallow waters. This has resulted in increased research of rubble mound 
breakwater design and other types of breakwater designs. 
Figure 1.1: Examples of typical mbble mound breakwater cross sections, with out 
a crown wall and with a crown wall 
1.1.1 Rubble mound breakwater failure modes 
Parts of a rubble mound breakwater or the whole structure may fail during its 
lifetime. The various failure types can be regarded as failure modes. Figure 1.2 
illustrates the various failure modes, which can occur during the life time of a 
rubble mound breakwater. 
Erosion. breokoge 
af ormour . 
Beim erosion 
Subrail rei l lement 
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Figure 1.2: Failure modes for conventional rubble m o m d  breakwater, Burcharth 
(1 991) 
Some modes of damage can be accepted, such as limited overtopping because 
little activity is expected on the rear side of the breakwater during severe storms, 
but each failure mode should be analysed and taken into consideration in the 
design phase. Prirnary failure modes are designated as the most vulnerable parts 
of arubble mound breakwater, i.e. armour layer, toe berm, toe erosion and crown 
wall. 
Research cooperation between Universities and consulting engineers has increased 
the knowledge in rubble mound breakwater design. One of these projects namely 
'Rubble Mound Breakwater Failure Modes', MAST II (Marine Science and Tech- 
nology) (1993 -1995) sponsored by the European Union investigated rubble 
mound failure modes and there interaction. 
Application of reliability was mainly focussed on the failure mechanisms armour 
layer, toe berm and crown wall foundation stability. 
1.2 Vertical breakwaters 
The main concept of verticai breakwaters is to reflect waves, while rubble mound 
breakwaters are mainly used to reduce the reflection and increase the amount of 
wave dissipation on the structure. Vertical wall breakwaters can be constructed 
in a number of different ways. The most common types are shown in Figure 1.3. 
a) Conveniional veriical breakrater b) Conveniional vertice.1 breakrater 
on a hi& rubble maurid on a low rubble mound 
n - 
c) Conventional veriieal breakrater d) Conventional vertical breakrater 
wiih s superstructure wiih a sloping top 
e) Impumcable inclined wall f) Conventional vertical breakrater 
wiih a perloreted wall 
g) Horkonial compositc breakrater b) Block type breaknater 
Figure 1.3: Illustration of typical types of piertical breakwaters in use today. 
The most common types of vertical breakwaters are the conventional type on a 
high rubble mound, thin bedding layer, and a conventional vertical breakwater 
with a superstructure cf. 1.3 (a,b,c). To reduce wave reflection and the breaking 
force, alternative structures are used, i.e. conventional vertical breakwater with 
a sloping top, figure 1.3 (d), impermeable inclined wall 1.3 (e), caisson with a 
perforated wall on the seaward side 1.3 (f) and horizontal composite breakwa- 
ter with wave dissipating blocks, which has similar response to wave loads as 
rubble mound breakwaters 1.3 (g). The block type breakwater 1.3 (h) consists 
of massive concrete blocks placed on each other to form a vertical breakwater. 
In the following chapters conventional vertical breakwaters on high and low 
rubble mound cf. Figure 1.3 (a,b) will be considered in depth for alternative 
design procedures. 
1.2.1 Vertical breakwater failure modes 
The important failure modes for these types of breakwaters are sliding and failure 
of the foundation. However, a large number of foundation failure modes exists 
and must ali be considered in a design procedure. Important examples are shown 
in Figure 1.4. 
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Figure 1.4: The main failure modes for conventional erertieal breakwaters 
The primary vertical breakwater failure modes in Figure 1.4, consist of shoreward 
sliding cf. Figure 1.4 (a), where the horizontal wave induced load exceeds the 
weight of structure reduced for wave induced uplift multiplied by the friction 
coefficient between the structure base and rubble mound. In the case of seaward 
sliding Figure 1.4 (b), a deep wave trough in front of the structure lies lower 
than the mean water level on the harbour side, thus causing an increase in the 
hydrostatic force in the seaward direction compared to the stabilizing force. A 
slight rupture in the rubble or subsoil will often result in settlement of the caisson 
thus reducing the effective weight of the caisson and allowing more overtopping 
than expected cf. Figure 1.4 (c). Rupture in the rubble mound and subsoil due to 
limiting bearing capacity of the foundation will cause instantaneous instability of 
the caisson, and increased overtopping levels cf. Figure 1.4 (d). When a vertical 
breakwater is relatively higher than the width, and the caisson is simultaneously 
placed on a thin bedding layer with a hard and compact subsoil, an increase 
possibility of overturning can be expected, see Figure 1.4 (e).  An increase in 
scour or erosion of the rubble mound on the seaward side and a situation of a 
wave trough will increase the possibility of seaward tilting which is shown in 
Figure 1.4 (f). 
Other local failure modes exist e.g scour at the toe (subsoil and/or rubble 
mound), stability of the rubble mound, wave transmission under the foot blocks 
at the foot of the caisson on the seaward side, structural failure of the caisson 
(cracks, sea water infiltration, wash out, corrosion causing reduced strength of 
the reinforced concrete walls). These local failure modes can initiate the main 
failure modes, thus causing instability of the vertical breakwater itself. 
1.3 Improvement in the state of knowledge 
Breakwaters are usually evaluated from the primary Failure modes cf. Fig- 
ure 1.4 and 1.2. Working across international borders in MAST I, II and III 
(sponsored by the directorate General XII of the Commission of the European 
Community), and PIANC (Permanent International Association of Navigation 
Congresses), (working group 12, rubble mound breakwaters) and (working group 
28, vertical breakwaters) enables comparison of related breakwater design pro- 
cedure~ of structures. This exchange of knowledge and research has improved the 
basis for applying probabilistic based design methods as statistical information 
has been available for the design procedures. 
1.3.1 Traditional design procedures 
Civil Engineers generally refer to an idealized approach to design based on long 
term practice. These approaches involve safety margins, usually semi-empirically 
based on p a t  experience, to account for all uncertainties. Breakwater design is 
mainly based on design related national recommendations from different regions 
in the world i.e. OCDI (1991), Technical standards for port and harbour facilities 
in Japan. Other recommendation are produced by international organisations 
Iike PIANC. 
Traditional design is based on a deterministic approach. As an exarnple sliding, 
overturning, and bearing pressure at the heel of a vertical breakwater are com- 
monly used as design criterias for vertical breakwaters in Japan. The maximum 
design wave height is used as the only probabilistic parameter giving the desired 
wave height for a 50 year return period. In the case of slidiig and overturning a 
safety factor of 1.2 (Japan) is applied so that the resistive load is 20 % greater 
than the design load. The acceptable bearing pressure at the heel is in the range 
400 kN/m2 to 600 kN/m2 
1.3.2 Reliability based design 
Before a reliability analysis can be performed a clearly defined deterministic 
method has to be presented for the significant failure modes in question. It is the 
main scope of the upcoming work to show the relevance of incorporating found- 
ation failure of vertical breakwaters and crown walls on rubble mound breakwa- 
ters, and main armour and toe berm interaction for rubble mound breakwaters. 
Numerous number of failure modes exists for breakwaters and it is beyond the 
scope of this thesis to include ail failure modes in the following. Reference is 
given to Burcharth (1991), van der Meer (1993), and Goda (1985), for rubble 
mound breakwaters and vertical breakwaters. Reliability based calculations are 
not common practice in breakwater engineering. Therefore, it is also the scope 
of the thesis to show the applicability of reliability based design of breakwater 
structures. 
Probabilistic calculations of breakwater reliability require that the failure modes 
are identified and expressed as analytical functions. Uncertain parameters are 
modelled as stochastic variables. These variables have to be given by their expec- 
ted(mean) value, and their standard deviation, preferably also their distribution 
functions and correlations should be known. 
Prior to a probabilistic evaluation of breakwaters, a series of preliminary invest- 
igations have to be done to clearly identify relevant stochastic parameters i.e. 
the the wave climate, the uncertainty of the analytic design function. 
This thesis presents a probabilistic formulation of geotechnical stability assess- 
ment of vertical breakwaters and crown walls (rubble mound breakwaters), based 
, . 
on kinematical admissible rupture mechanisms of the foundation (rubble mound 
and subsoil). When evaluating plastic collapse of the foundation, no amount of 
site exploration can identify sufficient information of the soil parameters for a 
detailed description of the bearing capacity as local soil strength variations may 
influence the stability of the foundation. However, probabilistic models can cap- 
ture a number of the uncertain features with a minimum number of additional 
soil parameters. 
Single failure modes presented in Figure 1.2 and 1.4 (a) - (f), seldom occur in 
reality. A combination of the failure modes usually occurs thus presenting a 
multiple set of breakwater failures which cause a system to be evaluated. The 
following failure modes are analysed: 
Interaction of primary failure modes for rubble mound breakwaters,i.e. armour 
and toe berm failure based from laboratory work. 
System evaluation of vertical breakwater failure modes sliding, rupture failure, 
and overturning. 
Application of reliability in a system evaluation of failure modes is presented 
for design of a conventional vertical breakwater, main armour and toe berm 
interaction. 
Optimal based design of a breakwater is important in terms of monetary aspects, 
as a cost benefit analysis will usually decide the final design. Here optimal 
reliability based design of a conventional vertical breakwater using the system 
of foundation failure modes including overturning will be evaluated from a cost 
optimization principle based on the weight of the material used to construct the 
breakwater, i.e. the rubble foundation and caisson. 

Vertical breakwaters 
The present chapter is devoted to the summary of the design tools for vertical 
breakwaters based on long crested and short crested seas. Failure modes like 
sliding, overturning and rupture failure of the rubble mound and sand or clay 
subsoil for vertical breakwaters are presented. 
2.1 Design of vertical breakwaters 
A typical cross section of a conventional vertical breakwater is shown in Figure 
2.1. The caisson is often divided into a number of chambers which are supported 
by reinforced concrete walls. The chambers are filled with sand, capped by 
concrete. 
Foot protection blocks are placed on the seaward side to prevent erosion of the 
bedding layer subsoil. The armour protection blocks are installed to prevent 
damage to the rubble mound. For scour protection, additional grave1 can be 
placed to form a gravel mat. A geotextile sheet can also be used to prevent 
scouring of the subsoil under the rubble mound. 
h o u r  blocks 
Foot protection blocks 
Subsoil sand or clay or rock 
Figure 2.1: Typical cross section of a conventional vertical breakwater. 
2.2 Introduction to wave loads on vertical break- 
waters 
The horizontal wave loads have traditionally been determined until the early 
1980s from Hiroi (1919) and Sainflou (1928) design equations. Hiroi's wave load 
equation was based on vertical breakwaters in shallow waters, where extensive 
wave breaking took place. Sainflou's design equations was based on standing 
waves of the non breaking type, and the vertical breakwater was placed in deeper 
waters. To some extent Hiroi's design equations were on the conservative side 
whiie Sainflou's design equations had a tendency to underestimate the actual 
wave loads. Both Hiroi (1919) and Sainflou (1928) design equations were based 
on regular waves and no overtopping. This gave rise to implement irregular 
waves and limited wave breaking for the design of vertical breakwaters by Goda 
(1973). 
Today it is accepted to apply Goda's wave load equations for long crested waves 
which are based on laboratory and prototype work, for the design of vertical 
breakwaters in Japan. 
a) Non breaking wave Total horizontd wave load on height h 
ventiiated shock 
quasi static load 
b) Breaking wave (large entrapment of air on ihe front face of ihe vertical breakwater) 
hammer shock \ 
t 
compression shock 'E ' 
time 
Figure 2.2: Typical horizontal load histories induced by non breaking waves and 
breaking waves. 
It is accepted today that the wave pressures from non-breaking waves and break- 
ing waves should be treated separately. The horizontal wave induced loads for 
non breaking waves are much less than the case of breaking waves; this is illus- 
trated in Figure 2.2 a,b. The differentiation between non breaking waves and 
breaking waves waa first realized by Bagnold (1939), and confirmation of the 
phenomenon was done by a series of laboratory experiments. Lundgren (1969) 
adapted the three wave shock types from Bagnold (1939), ventilated shock (no 
entrapped air), and hammer and compression shock (entrapped air), cf. Figure 
2.2 a,b. 
When a non-breaking wave approaches the front face of a vertical wall; the air 
between the wave and wall can escape in an upward direction. In the case of 
a slowly varying wave period, entrapment of air will not occur; thus resulting 
in gentle pressures variations in time, which can be termed as quasi static wave 
loads, see the illustration of the horizontal wave load in Fig. 2.2 a. As the wave 
period is about 10 to a 50 times larger than the natura1 period of the vertical 
breakwater. 
In some cases of irregular seas the ventilated shock involves a fast rise in pressure 
(within tenths of a second), according to Lundgren (1969). 
When a plunging breaker wave hits the wall at very high but short duration 
pressures will occur. The pressure rise time will be in the order of hundreths of a 
second, cf. Fig. 2.2 b. When an air pocket is entrapped to loading is in principal 
seperated in a socalled hammer shock caused by the impinging wave crest, and 
in a socalled compression shock caused by compressed air. The compressed air 
usually vibrates thus giving a high frequency load. An increase in the air pocket 
volume will decrease the load due to the buffer effect. Breaking waves at the 
front face of a vertical breakwater are usually termed as implusive wave loads. 
In this thesis the quasi static waue loads, and implementation of impulsive wave 
coefficient in Goda's design equations from Takahshi et al. (1994) are treated as 
static loads. This is a simplification, and it should be noted that if impulsive wave 
action is dominant in design; the dynamic response of the vertical breakwater 
should be investigated. This has been done by Goda (1994b), Oumeraci et al. 
(1994) and Klammer et al. (1996). 
In the following, a review of the wave heights in the surf zone as presented by, 
Goda (1994a), and the Goda wave load formulae for long crested waves will be 
presented. A method will be shown to determine wave loads in a short crested sea 
(non-breaking waves) based on laboratory work, Franc0 (1996). For a general 
description of the wave loads in non-breaking short crested sea on a vertical 
wall, reference is given to Battjes (1982) theory based on linear waves. Franco's 
design equation will give a rough approximation of the actual wave loads in a 
real irregular sea (non-breaking waves) . 
2.2.1 Design wave heights in the surf zone 
The design wave height, i.e with a 50 year return period, is usually determined 
from an extreme statistical distribution, i.e. Weibull, Gumbel and Exponential 
distribution in deep water. Breakwaters are often situated close to land so in 
many cases part of the structures will be placed in both deep and shallow waters. 
Therefore the design wave will often be limited by the water depth causing waves 
to break in the surf zone. Goda (1975) proposed a set of equations to calculate 
the design wave height in shallow waters. 
where K ,  is the shoaling coefficient of the finite amplitude waves cf. Figure 2.3, 
H,, is the equivaient deepwater significant wave height, h the water depth, L, is 
the deepwater wavelength. The function minja, b, c) takes the minimum value 
among a, b and c.  The coefficients P subscript are listed in the set of equations 
(2.2) 
Coefficients for the significant wave height H, in the surf zone 
Coefficients for the corresponding design wave height Hdesign = in the 
surf zone 
In case of a surf zone in front of the structure the breaker height is taken as 
(Goda, 1994 b) 
where hb is the water depth at a distance 5H, seaward of the structure. 
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Figure 2.3: Shoalang coeficient K,  as a finction of h /L ,  (redrawn from Goda 
(1 992)). 
2.2.2 Wave loads in long crested seas 
Wave pressure formulae have been developed by Goda et al. (1972) and Goda 
(1974) for the case of a conventional verticai front where wave breaking on the 
wall is not enhanced by a steep sea bed or structurai configurations. The formulae 
are based on model tests in head-on waves but were modified to cover aiso oblique 
waves on the basis of work by Tanimoto et al. (1976). The formulae include the 
effect of breaking waves to the extent of normal accidental (non-provoked) wave 
breaking. The formulae are currently used in the Japanese standards. Figure 2.4 
shows the related definition sketch for the wave induced pressure under a wave 
crest. 
Figure 2.4: Dejinition sketch for the Goda formula for wave induced pressure 
under a wave crest. 
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01 angle of incidence of waves (angle between wave crest 
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Hdesjgn design wave height dehed  as the highest wave in the 
design sea state at  a location just in front of the break- 
water. If seaward of a surf zone a value of 1.8 H, might 
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Rayleigh distributed wave heights. If within a surf zone 
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T, l.lTm, where T, is the average period. 
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water depth at a distance of 5Hs seaward of the break- 
water front w&. 
Although the wave induced uplift pressure, p,, at the front edge of the base plate 
is equal to p3 it is suggested by Goda to use a somewhat reduced value 
1 
p, z 2 (1 + coser) ai a3 P W ~  Hdeaign (2.13) 
This is because analyses of the behaviour of Japanese breakwaters revealed that 
the use of p, = p3 together with an assumed triangular distribution of the uplift 
pressure gave too conservative results. 
Modification of Godays horizontal wave pressure, considering impuls- 
ive breaking wave forces 
Goda's horizontal wave pressure formulae do not consider frequent wave breaking 
close to and at the vertical breakwater. Therefore the extra effect of larger 
impulsive forces from breaking waves has been investigated and incorporated in 
Goda's formulae by Takahashi et al. (1994). The modiication of Goda's formula 
concerns the formula for the pressure p1 at the water surface, equation (2.7) and 
is a replacement of cuz coefficient with a impulsive pressure coefficient a*. The 
impulsive pressure coefficient a, is determined from regular wave tests and is 
assumed to be a good approximation until further research has confirmed the 
validity of the impulsive wave coefficient based on irregular waves. 
where a, can be expressed as follows 
where a2 is derived from Goda's formula, equation 2.11, and al is a non- 
dimensional impulsive pressure coefficient being the product of air0 and arl, 
where 010 represents the effect on the design wave heigth and ar1 represents the 
shape of the rubble mound. 
where d is the water depth at the crest of the rubble mound berm in front of the 
caisson. 
62 5 0 
f f I 1  = 
cosh 6i.(cosh 62) 1 6 2  > O 
where and J2 are coefficients which depend on the structural dimensions of 
the rubble mound in front of the caisson , cf. Figure 2.4, on the incident wave. 
where B, berm width of the rubble mound foundation in front of 
the caisson breakwater, cf. Figure 2.4 
wave length corresponding to that of the significant wave 
period T, l.lTm, where T,,, is the average period. 
The term ar reaches a maximum value of 2, when B,/L = 0.12, dlh, = 0.4 
and Hdesign/d 2 2. When the term dlh, > 0.7, then impulsive pressures rarely 
occur and ar is close to zero and smaller than cr2. 
The wave induced horizontai force, FH,  uplift force Fu and the reduced weight 
of the verticai structure due to buoyancy FG can be calculated from equations 
by Goda and Takahashi. 
where B is the caisson width, p, density of the caisson and p, is the density of 
the sea water. 
The moment about the heel M H ,  moment of the wave induced uplift force Mv 
and moment of the weight MG of the caisson breakwater can be calculated by 
applying Goda's and Takahashi's formulae to the above given parameters: 
2.2.3 Wave loads in a short crested sea 
Improvements in prefabrication of large conventional breakwaters from the tradi- 
tional (20 - 40 m) up to 100 m have given thought to alternative design consider- 
ations for evaluating the extreme wave loads encountered along the structure on 
the seaward side. Correct assessment of the wave induced load in 3 - dimensional 
directional sea state may allow for substantial savings in construction. 
The breakwater designer is always interested in reducing the overall wave loads 
and at the same time ensuring sufficient stability of the structure. Therefore 
introducing directional spreading in the sea state will effectively reduce the wave 
load along the structure length compared to a fictive 2 dimensional sea state. 
Battjes (1982) derived a theoretical approach using linear wave theory for non 
breaking short crested waves. The outcome was expressed as a frequency 
dependent directionally averaged spectral multiplication factor, GL, for the load 
relative to the case of normally incident long crested waves. G25 expresses the 
ratio of the actual load to the load from head on long-crested waves. The load is 
the integrated wave generated pressure over the length of the structure, e,.The 
uneven load distribution over e,, which might cause horizontal turning of the 
structure, is not given. 
Figure 2.5 shows for a cos2 type directional distribution the load reduction factor 
Gk5 as a function of the angle of incidence 6'1 for the mean direction of wave 
propagation, and of e, f L where L is the wave length corresponding to the spectral 
peak frequency. 
Figure 2.5: Examples of load reduction factors for non-breaking short-crested 
seas. (Based on diagrams given in Battjes, 1982.) 
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Wave loads in a short crested sea, based on laboratory tests (non- 
breaking waves) 
A series of laboratory experiments were performed by Delft Hydraulics, Po- 
litecnico di Milano and Aalborg University within the combined MAST II-LIP 
project, to describe the wave loads in a non breaking short crested sea. Rom the 
extensive data set, which included different types of verticai breakwaters, differ- 
ent sea states and measured wave pressures on the test caisson, it is possible 
to describe the horizontal and vertical induced loads in a short-crested sea by 
means of a statistical distribution, notably a 2-parameter Weibull distribution 
eq. (2.28), Franco (1996). 
P (F) = erp [- (2.541 F ) '1 
~ F ~ o d n  
where the factor T is the bias of the measured wave load divided by the calculated 
wave load by the Goda in an assumed long crested sea state. The shape para- 
meter b is given in Table 2.1 for the horizontal wave load and wave induced uplift 
for conventional vertical breakwater. The coefficient 2.547 is determined by sub- 
stituting the probability of exceedence P (F0,152%) = 0.00152, corresponding to 
Goda's definition of F1/250 (average of the highest 11250 waves) into a Rayleigh 
distribution P ( F )  = ezp [- (F/@)'] , l/o = 2.547. Fcada is the horizontal 
wave load and wave induced uplift given by Goda for long crested seas. 
Table 2.1: Mean values and coefficient of variation foi factor r , and shape para- 
meter b for two wave steepness spi taken from Franco (1996). 
The factor r and the shape parameter b have Iittle dependency on the main wave 
direction, and the directional spreading which was calculated from the two sea 
states 23" and 28". Therefore equation (2.28) should only be regarded as a rough 
estimation of the actual wave induced loads in a non-breaking short crested sea 
state. 
Wave load type 
Horizontal wave load F? 
Wave induced uplift F$' 
SP 
0.04 
0.02 
0.04 
0.02 
T 
P 
0.84 
0.83 
1.04 
0.93 
b 
a/li 
0.12 
0.14 
0.06 
0.14 
P 
2.13 
2.26 
2.37 
2.18 
UIP 
0.24 
0.23 
0.29 
0.10 
2.3 Failure modes for vertical breakwaters 
The following section is devoted to relevant failure modes for vertical breakwa- 
ters: Sliding, foundation faiiure of the rubble and sand or clay subsoil, overturn- 
ing and bearing pressure at the heel. Hydraulic responses (overtopping, reflection 
and wave transmission) of the breakwater is reviewed to give the reader an il- 
lustration of other important design factors, but they will not be investigated in 
detail. 
2.3.1 Sliding 
Stability against sliding exists when the ratio of the resultant horizontal force, 
FH, to the resultant vertical force is equal to or less than the coefficient of 
friction, p, between the base plate and the underlayer, i.e. 
where FG is the weight of the caisson reduced for buoyancy and Frr is the wave 
induced uplift force on the concrete base plate of caisson. FH is calculated by 
using the Goda's wave pressure formula. 
The friction coefficient is according to Takayama, 1992, assumed normal distrib- 
uted with mean value p = 0.636 and a coefficient of variation of 15%. 
The following table is taken from Japanese design guide lines OCDI (1991) and 
gives friction coefficient values for different kinds of materials. 
Table 2.2: Coefficients of static friction. OCDI (1991) 
Concrete against concrete 
Concrete against bed rock 
Concrete in water against bed rock 
Concrete in water against rubble 
Rubble against rubble 
Timber against timber 
0.5 
0.5 
0.7 (bedrock cracks) - 0.8 
0.6 
0.8 
0.5 (dry) - 0.2 (wet) 
2.3.2 Overturning 
Stability against overturning exists when the moment of horizontal forces MH is 
equal to or less than the resultant moment of vertical forces about the heel: 
where MG is the moment around the heel induced by the weight of the caisson, 
reduced for buoyancy and Mrr is the moment around the heel and calculated 
from the wave induced uplift forces. 
2.3.3 Foundation stability 
The foundation of vertical breakwaters is irnportant to Mly evaluate the stability 
of the breakwater. The bearing capacity of the rubble mound and subsoil should 
be analysed while subjected to inclined and eccentric loads from the wave loads 
and weight of the breakwater. To evaluate the stability of the rubble mound 
foundation, sand subsoil and clay subsoil, a method of limit state analysis is 
formulated, which also can be applied in a probabilistic design procedure. 
Bearing capacity of vertical breakwaters are traditionally designed on the basis 
of stability of slopes, i.e Bishops simple method of slices, or the general bearing 
capacity equation from DS 415 (1984). The rupture slip line in Bishop's methods 
of slices is predetermined by a circular slip surface which is not applicable to 
rubble mound or a sand subsoil, except in the case of cohesion based soil. The 
rupture slip line in the rubble mound and subsoil usually follows a rupture slip 
line different from a circular slip failure. 
Plasticity theorems can assist the designer to define the bounds of plastic collapse 
loads of structures. Investigation into more refined soil models can also clarify 
certain aspects of the stability of the foundation. The upper bound theorem of 
plasticity is one of the methods, which is applicable to foundation stability and 
at the same time ideal for a probabilistic evaluation. Upper bound theorem is 
based on equating the external work to rate of internal energy dissipation in an 
assumed velocity field. The velocity field should satisfy the velocity boundary 
conditions, and the strain and velocity compatability conditions are not less than 
the actual coiiapse load. This is termed as a kinematical admissible velocity 
field. So the upper bound theorem states that if a kinematical velocity field can 
be established, unchangeable plastic flow must have taken place previously. The 
upper bound theorem contains velocity modes (displacement vectors) and energy 
dissipations, and the stress distribution need not be in equilibrium, see Chen et 
al. (1990). 
In reality the diifficulty lies in the discrepancy of plastic deformation of ideal 
material and real material, as the real material will exhibit some degree of work 
softening and may not follow the associated flow rule. 
The normality condition (assumed associated flow rule) is a simplification which 
enables the derivation of the bearing capacity of the foundation, as the angle of 
dilation is taken equal to the effective friction angle $=p1, which results in a 
bearing capacity to be on the unsafe side, see Chen et al. (1990). 
Application of the upper bound theorem from general plasticity theory requires 
that the normality condition is fulfilled. Experience shows that good estimates 
of the bearing capacity can be obtained using a reduced effective friction angle, 
<pd from the effective friction angle, <p1, and the angle of dilation, $, see Hansen 
(1979). 
sin <p1 cos S, 
tan <pd = 1 - sincplsin$ 
Bearing pressure at the heel of a conventional breakwater 
The following procedure to determine the maximum heel pressure is traditionally 
applied in the design of conventional breakwaters in Japan OCDI (1991). It 
is assumed that the bearing pressure distribution under gravity structures are 
either trapezoidal or triangular cf. Figure 2.6 
The bearing pressure q1 and q2 can be calculated using 
The maximum allowable heel pressure accordiig to Japanese design guidelines 
is taken as 400 kN/rn2 to 600 kN/m2 or greater, especially for deepwater break- 
waters. 
Figure 2.6: Definition sketch for the beara'ng pressure under gravity stmctures . 
Circular slip failure in the rubble foundation and subsoil 
The circular slip failure of the rubble mound is determined by the simplified 
Bishops method. The simplified Bishop method is based on the method of slices. 
Kobayashi (1987) proposed a load distribution along the rubble mound as q cf. 
Figure 2.7. This external load is implemented in the simplified Bishop method. 
Figure 2.7: Definition sketch for the circular slip failure of the rubble mound 
subsoil. 
where q1 and q2 are given by equation (2.32) and (2.33) and t, is given by 
equation (2.36) 
The simplified Bishop method of slices is applied to determine the safety factor of 
the slope on the rear side of the vertical breakwater. This method is traditionally 
used by Japanese design guide lines OCDI (1991). 
where c' is the cohesion, W is the weight of each slice, U is the uplift due to 
the buoyancy of the rubble, b is the width of each slice , b' is the slope of each 
slice cf. Figure 2.7 , Mo(FH) is the moment of the horizontal wave induced load 
about point O and M(@) is factor shown below: 
tan b' tan (o' M(0)  = cos(b') . 
F s ~ i c e  
The equation (2.39) is solved by dividing the slope into a number of slices and 
through a trial procedure the safety factor Fslic, is calculated. A first value of 
F C e  i . .  1 is introduced to compute M(0) into equation (2.39) which gives a 
new value to iterate, until smail difference in the safety factor is obtained. 
General bearing capacity formula 
The general bearing formula is based on applying plasticity theory to a rup- 
ture field which is statically and kinematical admissible. For traditional single-, 
continuous-, footing foundation with horizontal terrainjrear slope and a hori- 
zontal base can the soils bearing capacity be determined by the general bearing 
capacity equation. 
where A is the effective area of the foundation, B, is the effective width of the 
foundation, Q is the bearing capacity, y is the specific weight of the underlying 
soil, N, is the bearing capacity factor for the self weight, i subscript is the 
inclination factor, s subscript is the form factor, q is the vertical load from the 
overlying soil, g subscript is the rear dope factor, c is the cohesion, N, is the 
bearing capacity factor, considering cohesion, N, is the bearing capacity factor 
considering overlying soil or extra weight on the rear side of the foundation. All 
the factors and the bearing capacity equation are described in detail in DS 415 
(1984). 
Bearing capacity equation for sand and grave1 on a horizontal terrain with a 
slope on the rear side, when c = O and q = O is given by: 
where N, is given by: 
where cp' is the effective friction angle of the rubble or sand. 
The form factor s, is given by: 
where L, is the effective length of the foundation (caisson breakwater). 
The dimensionless inclination factor i, is given by: 
where FH is the horizontal wave induced load, FG is the weight of the caisson 
reduced for buoyancy, Fu is the wave induced uplift force on the base plate, and 
c is the cohesion of the rubble or sand. 
The dimensionless slope factor g, is given by: 
g, = 1 - sin 28, (2.47) 
where 8, = arctan(s), s is the slope at the rear side (1 : s). 
Bearing capacity equation for horizontal terrain (short period bearing capacity 
of the clay subsoil), where p' = O and q = O can be written as: 
The bearing capacity factor for the undrained shear strength of the clay is: 
N,O = ir + 2 = 5.14 (2.49) 
The form factor s: is given by: 
B, 
S: = 1 - 0.2- (2.50) 
L, 
where L, is the effective length of the foundation (caisson breakwater). 
The dimensionless inclination factor i: is given by: 
where FH is the horizontal wave induced load, and c, is the undrained shear 
strength of the clay. 
In the case of a continuous footing: A shouId be replaced with B, and s = s: = 
s, = l per definition. 
The following 10 kinematically admissible rupture figures have been identified 
see Figure 2.8 a - 2.8 b. The 10 rupture figures are used to derive the bearing 
capacity by applying the upper theorem of plasticity, corresponding to static 
load cases only. Derivation of the bearing capacities is explained in depth in 
Appendii A. 
W I N G  BETREEN Sl'RUClQFS AND BEDDING IAYER/ @ FiJZURB IN RUBBLE HOUND @ ,m ,rn*TION 
CLAY, SiWD OR ROCK 
Figure 2.8: a: Various kinematically admissible joundation jailure modes. 
@ PNLmw IN RUBBLE AND SAND @ FALURE M RUBBLE AND SAND 
@ FALURE IN RUBBLE *NO SAND (ROTATION) @ FAILURE W RUBBU AND c1.4~ 
@ FALURE IN RUBBIE AND CLAY (ROTATION) @ FULURE M RUBBU *ND CLIY (ROTATION) 
Figure 2.8 b: Vam'ous kinernatically admissible foundation failure modes. 
2.3.4 Hydraulic responses 
The hydraulic response is described as the response of the breakwater structure 
induced by the propagating waves. Hydraulic response is signified as overtop- 
ping, wave transmission (disrupting harbour activity) and wave reflection on the 
seaward side of the structure. These three 'failure modes' are determining the 
breakwater type in terms of preliminary structural dimensions and permeability 
of the structure. 
Overtopping 
Overtopping is defined as a wave on the seaward side of a caisson breakwater 
which splits over the crest of the structure, and settles on the structure and on 
the rear side. Mild overtopping in the form of spray can be of inconvenience, if 
there is a road or concentrated traffic on the rear side of the breakwater. A great 
deal of laboratory work has been performed by Franco (1996), which has given 
basis to a formulation of overtopping in an environment of 2D and 3D waves. 
The equation is fitted withii the 95 % confidence band by regression analysis 
and the rate of overtopping is formulated by Franco (1996) as: 
Q = 0.192 exp (2.52) 
in which Q is the rate of overtopping in m3/m/s,  h, crest height of the vertical 
breakwater from sea water level, 70, is the coefficient which signifies the angle of 
the incident wave eq. (2.53) - (2.54), where b is the coefficient corresponding the 
type of breakwater cf. Table 2.3, y, is the directional energy spreading coefficient 
(3D effects) cf. Table 2.4 and yg,om,~,y is the geometrical coefficient cf. Table 
2.3. 
For long crested waves 70,: 
For short crested waves yar : 
A Froude scaling 1:30 is considered as a reasonable scaling ratio to prototype 
Franco (1996). 
The folldwing Tables cf. 2.3 - 2.4 correspond to a series of laboratory results 
with different types of vertical breakwaters. 
Table 2.3: Geometrical coefficients for the overtopping eq. (2.52) 
Table 2.4: Overtopping coefficients and reduction factors for different degrees of 
wave energy spreading, considering wave steepness and incident wave 
angle, where u is the directional spreading in degrees. (taken from 
Franco (1996)). 
The uncertainty of the overtopping eq.(2.52) can be characterized as having a 
normal distribution with a standard deviation 0.27. 
Wave transmission 
The reduction of wave transmission is an important factor when a certain break- 
water design has to be considered, as the disruption of harbour activity should 
be kept a t  a minimum. Wave transmission occurs through the structure, i.e. 
under the foot blocks or through the caisson, and as overtopping. The wave 
transmission coefficient can be expressed as KT: 
where KT, is the transmitted wave height divided by the incident wave height 
(wave transmission through the structure), KT, is the transmitted wave height 
divided by the incident wave height (wave transmission due to overtopping). 
In the case of vertical breakwaters, wave transmission is mainly dominated by 
overtopping; therefore the term KT, can be neglected. The principle variables are 
the crest height h, and the incident wave height HI.  This was observed through 
a series of test by Goda (1969) and he proposed a set of wave transmission 
coefficients for vertical breakwaters, which are shown below: 
where a = 2.2 and factor fR can be found from Figure 2.9 for a conventional 
vertical breakwater: 
Figure 2.9: Nomograph for detennining ,fR, taken from Goda (1969) 
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Figure 2.10: Transmission coeficients for vertical breakwaters , taken from Goda 
(1 969) 
The wave transmission coefficient equations (2.56) - (2.57) are derived from reg- 
ular wave tests and are applicable for irregular waves with a significant wave 
height. The majority of vertical breakwaters in Japan today are designed with 
a relative crest height divided by the significant wave height, hc/H1/S = 0.6 and 
water level in the caisson divided by the waterdepth at the foot of the rubble 
mound h, - hlh = 0.7. This gives a wave transmission coefficient equal to 0.2 
based on equations (2.56) - (2.57). 
The wave transmission coefficients are also illustrated in Figure 2.10 for different 
relative water depth at the foot of the caisson divided by the water depth at the 
foot of the rubble mound. 
Wave reflection 
All verticai breakwaters reflect incoming waves, and reflections can have a signi- 
ficant impact on neighbouring coastal area and maneuverability in the vicinity 
of harbour entrances. The building of a conventional vertical breakwater will 
result in a completely reflected wave equal in height to the incident wave. Sup- 
position of waves occur when the incident and reflected waves coincide, resulting 
in a wave twice as high. A strong reflection can also undermine the stability of 
the structure by increased scour / sediment transport at the foot of the vertical 
breakwater. Analysis of the wave field close to the structure will enable a clear 
description of the reflection characteristics. The amount of wave reflection is 
usually measured by the reflection coefficient KR given by: 
where HR is the reflected wave height, HI is the incident wave height, and are 
usually characterized as the significant wave height. 
In general, a conventional vertical breakwater placed on a rubble mound will res- 
ult in a reflection coefficient less than one. This is due to the effect of the rubble 
mound foundation causing wave breaking, and overtopping. A large increase in 
wave breaking close to the structure will result in a lower reflection coefficient as 
shown in Figure 2.11, from Tanimoto et al., (1987). The influence of the rubble 
mound is important as increased wave breaking at the structure will result in 
larger wave loads. Therefore in many instances a high reflection coefficient must 
be accepted. 
Figure 2.11: Rejlection coeficients of conventional vertical breakwaters, taken 
from Tanimoto et al., (1987) 
If wave reflection is a problem, a different type of structure can be used, cf. 
Figure 1.3 d, f and g, to reduce wave reflection. Advanced methods in reflection 
analysis for long crested and short crested waves based on vertical breakwaters 
has been investigated in depth by Helm-Petersen (1997), and will therefore not 
be pursued further. 
2.4 Deterministic design of a conventional ver- 
tical breakwater on a high and low rubble 
mound 
Verticai breakwaters are usuaily constructed in shallow and deep water and this 
often results in vertical breakwaters placed on a low and high rubble mound. A 
low rubble mound in this thesis is defined as a vertical breakwater where the 
ratio between the height of the rubble mound divided by the water depth is less 
than h I I / h ,  5 3.5115, and for the high rubble the ratio is h I I / h ,  > 3.5115. This 
definition does not correspond to the guide lines given by PIANC, but rather 
to the sensitivity of two different verticai breakwater geometries to foundation 
failure modes. An example will be presented in the following where a verticai 
breakwater is placed on a low and high rubble mound, using the same wave 
loading, geotechnicai pararneters and density of the caisson including a concrete 
cap. 
The example of a caisson on a low rubble mound and high rubble mound is 
shown in Figure 2.12 a,b. 
a ) Veitical breakwater on a low mbble mound 
b ) Vertical bnakwater on a high mbble mound 
Figure 2.12: Example of a vertical breakwater on a low and high mbble mound. 
The main deterministic parameters used in the following are: The effective fric- 
tion angle of the rubble mound is cp; = 0.61 rad (35') and sand subsoil is 
<p; = 0.57 rad (32.7O). The average mass density of the caisson in the air in- 
cluding a concrete cap is p, = 2.2 t /m3,  the sea bottom slope on the seaward 
side is 1/50 and the mass density of the sea is taken as p,,, = 1.03 t/m3 . The 
significant wave height in deep water is H: = 6.5 m (with a return period of 
50 years), significant wave period T, = 13 s and the wave direction is head on 
to the structure, i.e. BI = O rad. The breaker heights in the surf zone are 
calculated by using the simplified formula for shoaling and wave breaking Goda 
(1975,1985), and the wave induced loads are determined from Goda et al. (1972) 
and Takahashi (1994) for impulsive wave loads. Design water level is taken as 
0.75 m above M.W.L. The design wave height Hdesign = = 11.2 m. In 
the deterministic design slidiig, overturning, bearing pressure at the heel and 
rupture in the rubble mound and subsoil are considered. 
The vertical breakwater on low and high rubble mound are designed according 
to Japanese design guide lines using a safety factor of 1.2 for sliding, overturning, 
and bearing pressure in the range 400 K N / m 2  - 600 KN/m2. For rupture failure 
the limit state g > O (assumed safety factor is greater than 1) .  Results from the 
stability calculations are presented in Table 2.5 
Table 2.5: Deterministic design of a vertical breakwater on a low and high rubble 
mound 
Sliding, overturning and sliding on rubble are denoted as safety factors, according 
to national codes. Rupture in the rubble mound and subsoil are denoted as limit 
states, such that the g(B, h r ~ )  > 0 ,  where B is the width of the caisson, and hIr 
is the height of the rubble mound. This means that the value shown in the table 
is greater than 1, thus giving a design on the safe side. 
It is seen from Sable 2.5 that in the case of a high rubble mound sliding is 
the dominant failure mode deciding design. In the case of a low rubble mound, 
failure in the sand subsoil governs design. 
Crown wall on rubble 
mound brea kwaters 
in this chapter the wave loading, and the overtopping for crown walls with a 
plane base and a crown wall with an extended leg on rubble mounds are reviewed 
including the derivation of the rubble mound foundation failure modes. 
3.1 Foundation failure of a crown wa11 with a 
plane base and an extended leg on the sea- 
ward side 
A crown wall is usually placed on a rubble mound to reduce the overall costs of 
the rubble mound, by reducing the amount of stone material needed to construct 
the rubble mound. In the design of the concrete crown wall, the construction 
and the underlaying soil have to sustain the wave forces, active soil pressure on 
the seaward side as well as weight of the crown wail during the design lifetime. 
The principle failure modes for the crown wall are shown in Figure 3.1 (a) - (e). 
The failure modes in Figure 3.1 (a) and (b) are related to the structural failure 
of the crown wall and l(e) considers the erosion of the upper armour layer, which 
results in instability on the seaward side. The failure modes in Figure 3.1 (a), 
(b) and (e) will not be considered in depth in this thesis. 
Acceptable overtopping levels are first considered as this will give the preliminary 
dimensions of a crown wall. The main geometrical parameters of the crown wall 
is described by the G the berm width, A, is the water level from sea water level 
to berm crest, and R is the freeboard height. 
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Figure3.1: Common failure modes for concrete crown walls (taken from 
Burcharth (1993)). 
Formulation of the soil rupture mechanisms will be derived on the basis of two 
principle crown wall designs. A crown wall with a plane base and an extended 
leg (foot) on the seaward side cf. Figure 3.2. 
Wave loads are calculated by Pedersen's wave force formula for a conventional 
crown wall, Pedersen (1996). 
Failure modes involving foundation failures must be evaluated in any design. Slip 
failure modes represent failure states and any related calculation can only give 
information related to the safety against failures, i.e no information related to in- 
service conditions can be extracted. The evaluation of safety against foundation 
slip failures is based on the force balance and the work balance equations and 
is in this chapter related to kinematically correct slip surface and failure zones 
(stiff zones and slip fans in friction based soil). The ratio between stabilizing 
and driving forces/moments are taken as a measure of the safety level. Found- 
ation stability calculations based on kinematically correct slip failures provides 
in principle results on the unsafe side. 
e) Medium h i ~ h  d wit4 a foot 
Figure 3.2: S i x  different types of crown wall design. 
3.1.1 Formulae for wave loads on the crown wall 
Pedersen's wave pressure formula (1996) 
A method of estimating the wave load on a crown wall is to consider the hypo- 
thetical run-up, i&, on an imaginary elongation of the slope and assume part of 
a related hydrostatic pressure distribution to act on the wall, cf. Figure 3.3 a,b. 
b) 
Hypothetlcol wedge 
Figure 3.3: a) Assumedpressure distribution on the face of the crown wall (taken 
from Pedersen (1996)). 
b) Design parameters associated to determination of the horizontal 
and uplift force (taken from Pedersen (1996)). 
The wave loading is determined by first calculating the run-up level Ru,o.i% from 
the design wave in deepwater. 
The run-up R, can be modelled by introducing a two parameter Weibull distri- 
bution, as suggested by van der Meer et al. (1991). 
F(R,) = 1 - exp  (- (%lc) 
where R, is the run-up level exceeded by 1 - F(R,) of the run-up levels, b is a 
scale parameter, and c is a shape parameter, defining the shape of the curve. 
The scaie parameter b is defined as: 
H 2~ . where H, is the significant wave height, s, = zis the wave steepness, and 
a is the slope of the armour layer. T, is the mean wave period. 
The shape parameter is described by: 
for plunging waves: 
for surging waves: 
where (m = tan a/ is the surf similarity parameter based on the mean 
wave length L, in deepwater, significant wave height H, and the slope of the 
armour layer a. A threshold vaiue of t,, is defined as: 
where P is the permeability of the structure under the armour layer and lies in 
the range of P = 0.4 - 0.6, van der Meer (1988). For Cm < t,,, equation (3.3) 
should be applied, and to t, > tmc, equation (3.4) should be applied. 
The reliability of the distribution of the run-up levels is modelled by consider- 
ing the fitted scale factor b as a stochastic variable. For a permeable core the 
variation coefficient of the scaie factor b is 6% and for an impermeable core it is 
9%. 
The wave loading can now be estimated from Pedersen's (1996) experimental 
work. He assumes a run-up wedge to have an angle of B = 15", cf. Figure 3.3 b. 
The height of the wedge (y) from the armour crest can be calculated as: 
Ru,o.I% - Ac sin 15' 
Y = sina cos(a - 15") 
where A,, Ru and y are defined in Figure 3.3 b. 
The impact height, known as the effective height is given by y , f f :  
where f, is the height of the unprotected wall face cf. Figure 3.3 b. For negative 
values of g(Ru,o.l% -A,) a value of y e f f  = O is used. 
Thereafter it is possible to calculate the stagnation pressure p,  from the im- 
pounding run-up on the wall, cf. Figure 3.3 a: 
For low run-up levels the two volumes Vi (volume of the armour layer on the 
front crown face) and Vz (volume of the hypothetical wedge) must be determined. 
The design equations for the wave loading, corresponding to  central estimates of 
the horizontal force: 
where y , f f ,  G, and hpTot are given in Figure 3.3 a,b. The constant 0.21 and 
1.6 can be modelled as normal distributed variables with standard deviations 
corresponding to u = 0.02 and u = 0.01. Including the effective volume a t  low 
run-up levels is given by V : 
< R  for % < K  
v =  { 
= l for V2 2 Vi 
The wave induced uplift pressure a t  the front edge of the crown wali is equal 
to the horizontal pressure at the foot of the crown wall and is approximated to 
vary linearly to  the heel of the crown wall. So the wave induced uplift load is 
given by: 
where B is the width of the crown wall, 1 in the equation is assumed normal 
distributed with a standard deviation equal to 0.3. 
The horizontal wave load and uplift force based on run-UP is valid in the bounds 
of the experimental work performed by Pedersen (1996) and is given below in 
Table 3.1 
Parameter Range 
1.1 - 4.2 
H, /Ac 0.5 - 1.5 
1 -2.6 
Ac/G 0.3 -1.1 
cot (Y 1.5 - 3.5 
Table 3.1: Parameter range for the design equations (3.9) - (3.11), (taken from 
Pedersen (1996)) 
where the parameter R in Table 3.1 is the height from the sea water level to the 
crest of the crown wall. 
Overtopping rates over a crown wail according t o  Bradbury et d. 
(1988 a,b) 
Overtopping of breakwaters with crown walls were studied by Bradbury et al. 
(1988a and b). In order to obtain a better fit to model test data they introduced 
the dimensionless freeboard: 
and obtained the empirical formula for the average overtopping discharge, Q, 
where a and b are empirical coefficients dependent on the cross sectional geo- 
metry. 
Figure 3.4: Coeficients for overtopping discharges. Non-depth limited wave con- 
ditions, (taken from Burcharth (1993)). d is the stone diameter. 
Values are presented in Figure 3.4 for a rock armoured slope (cota = 2.0) on an 
impermeable core with various configurations of crown walls and front berms. 
The coefficients given in Figures 3.4 are based on model tests with waves in 
relatively deep water (water depth larger than 2 H,). For shallower conditions 
including depth limited waves reference is made to Ahrens et al. (1986) who 
tested an armoured sea wall with different crown wall details including recurved 
fronts. 
Wave induced uplift pressure in the  soil, under a crown waii base 
The wave induced hydrostatic pressure at the front edge of the crown wall is 
equal to the wave induced uplift pressure at the seaward base edge. The uplii 
pore pressure is assumed to have a triangular distribution from the foot to the 
heel, as presented in Figure 3.5. Figure 3.5 shows the related definition sketch 
for the uplift pressure. 
Rupture boundary 
cos B 
Figure 3.5: Definition sketch for the wave induced uplift pressure along the slip 
line. 
The wave induced uplift pressure, p, is calculated along the base plate of the 
crown wall and only gives the vertical component of the pressure cf. Figure 3.5. 
8 is the angle between the crown wall base and the rupture slip line. 
The pore pressure resultant along the rim of the rupture zone in the soil is 
P/ cos 8, where P is the vertical force component along the length 1. The hori- 
zontal component of the force is: 
The horizontal wave induced pressure arises along the pore pressure build up in 
the rubble mound due to the impermeable concrete plane base. In the following 
derivation of the foundation failure modes an extra contribution is added on 
the horizontal load component along the rupture boundary. This decreases the 
safety of a given design of a crown wall. 
3.1.2 Active rubble force on the seaward side of the crown 
wall 
The rupture zone is characterized by the rupture Figure ABC cf. Figure 3.6. 
applying the upper bound method gives a fairly accurate value for the rubble 
force acting in the direction of the wave induced horizontal force. 
Figure 3.6: Rupture zone on the seaward side of a crown wall stmcture. 
A unit displacement in the direction AB, causes a kinematical admissible move- 
ment of the stiff zone ABC in the horizontal direction. The displacement vectors 
of the stiff zone ABC are shown in Figure 3.7 
Figure 3.7: Displacement Figure for the mpture zone ABC. 
The horizontal force Frubble is derived from the displacement of the stiff zone 
ABC along the slip line AB in the extreme case. 
where the F,= is the weight of the rubble material in the rupture zone ABC. 
3.1.3 Rupture failure under a crown wall with a plane base 
and an extended leg on the seaward side 
A correct solution for the bearing capacity of a crown wall has to be statically 
and kinematically admissible. It is difficult to find solutions that fulfil both 
conditions. In general a solution is kinematical admissible if the displacement 
field satisfies the boundary conditions for the displacement and the flow rule 
(normality condition). In the following the upper bound method will be applied 
to determine the bearing capacity of crown walls with a plane base and an 
extended leg on the seaward side. Rupture failure is not an isolated phenomenon 
so therefore a series of assumptions prior to the derivation are taken into account 
The effective friction angle and angle of dilation will be based on the core 
material as it is the dominant material in a rubble mound structure 
The normality condition has to be fulfilled, so that the soils angle of dilation 
and the effective friction angle are the same. 
The reduced effective friction angle is calculated from the effective friction 
angle and the angle of dilation as proposed by Hansen (1979). 
sin p' cos S, pd = tan- 
1 - sin q' sin .i/, 
Both p' and S, are dependent on the stress level for which reason either 
reasonable mean values must be used, or calculations must be performed 
on increments. 
The porosity of the consolidated sand material is regarded as constant. 
Rupture failure is considered. Investigations into consolidation of the founda- 
tion is not taken into consideration 
The rubble mound is regarded as friction based material. 
Sliding between crown wall and rubble underlayer (1) 
Sliding is the result of slippage on the sand/rubble material along the slip line 
from the edge of the foot to the rear end of the crown wall. The crown wall 
sliding plane is shown in Figure 3.8. 
Figure 3.8: Sliding failure on rubble mound. \ 
Sliding of the crown wall is defined as a displacement, unit increment 6 = l along 
the rubble bed. FR is the resultant force derived from the weight of the crown 
wall reduced for uplift and the horizontal wave load. 
Figure 3.9: Displacement field for sliding along a rubble underlayer. 
The displacement field is shown in Figure 3.9, where w l v  is the displacement 
vector of the vertical load w l v  = w1 sin(od, w1 = and (od is the reduced 
effective friction angle. 
FH + Frubble = (FG - Fu) . tan (od 
where FH is the horizontal force from the wave forces, FrUbbi, is the horizontal 
active rubble force from the seaward side of the crown wall, FG is the weight of 
the crown wall and Fu is the wave induced uplift force. 
It must be mentioned that sliding between the concrete base plate and the rubble 
material is an important failure mode in which the angle of friction between 
concrete and rubble is the key factor. 
Foundation failure along the slip line AB (2) 
The kiematical admissible rupture slip zone is shown in Figure 3.10. This 
rupture failure mode is applicable when the optimization angle B is less than the 
reduced effective friction angle cpd. 
Figure 3.10: Rupture failure in the rubble mound. 
The rupture failure is characterized by a slip line along AB. The corresponding 
translation of the stiff mass takes place in the direction forming an angle of 
cpd with the slip plane A to B. This is due to the dilation of the soil. The 
displacement field is shown in Figure 3.11 for the slip line along the line AB. 
Figure 3.11: Displacement field for the stiff rupture zone. 
The displacement vectors for the horizontal load w i ~  and vertical load wlv are 
shown below: 
W1V = 
S"(<Pd - OB) 
cos (Pd 
The weight of zone 1 as a function of O is 
1 tan O 
FG, = $7, -%)B: - tano 
where (y, - y,) is the reduced specific weight of the rubble. 
The final work equation as a function of O, by equating the external work and 
internal work for an infinitesimal deformation wi: 
where F; is derived from the wave pressure, and pore pressure along the rupture 
boundary, Frzlbble is the active earth pressure on the front side of the crown wall, 
FG - Fu is the buoyancy reduced weight of the crown wall minus the wave 
induced uplift, <pd is the angle of dilation of the rubble mound material and 
B, is the rupture width of the crown wall. The angle O cf. Figure 3.10 is the 
unknown angle to be determined by minimizing the ratio between the stabilizing 
work and the driving work. 
Foundation failure in the rubble mound (3) 
The considered failure mode is shown in Figure 3.12. 
Figure 3.12: Failure in mbble mound in friction based soil. 
Rupture failure is characterized by forcing a displacement, unit increment 6 = 1 
along the first slip line AB in the mound. 
Zone 1 is characterized as a stiff zone which exhibits no internal energy dissipa- 
tion as is the case for zones 1 - 3 along the rim of the rupture boundary as the 
normality condition is fulfilled. This zone slides down the rupture line AB caus- 
ing an instantaneous shift of zone 1. Zone 2 is a set of rotating logarithmic slip 
fans which exhibit displacement in the same direction as zone 1 until a resultant 
displacement reverses and causes the soil to exhibit a holding capacity. Zone 3 
moves as a stiff zone holding part of zone 2, zone 1 and the external forces, when 
equilibrium is present. 
The geometric lengths of the rupture zones are presented as r (radius) and l 
(length) subscript. These geometncal lengths are determined to calculate the 
area of each individual rupture zone. 
The initial radius of the rupture fan, close to the first stiff zone. 
sin Ol 
T B F  = Bz 
sin(: - <pd) 
The radius of the logarithmic spiral, zone 2 along CF. 
The following length pararneters are derived to determine the area of zone 3. 
TFC sin($ + (04 
~ E F  =
sin O7 
where 1~~ is defined in Figure 3.13. 
TFC sin(& + $ - arctan(l.5)) 
~ C E  = 
sin 8, 
where 0, = $ - 2 
lEF sin($ - arctan(l.5)) 
I D E  = 
sin 
where 6'6 = ?f + + + arctan(l.5). 
Figure 3.13: Geometiical figure of zone 3. 
Displacement field comsponding  to  the  three rupture zones 
1 
W 1  = - 
cos (Od 
Figure 3.14: Displacement field of the f i s t  sti# zone . 
The vertical displacement vector wzv in zone 2 as a function of O 
wzv(0) = w l e  0tan cpd . sin(pd - 01 + O); B E [O; 021 
where wl is the displacement of the slip fan along the rupture boundary line BF. 
F 
Figure 3.15: Displacement field of the slap fans along BF. 
The displacement field for zone 3, see Figure 3.16. 
Figure 3.16: Displacement field of zone 3. 
w3 = w l e  BZ tan rpd 
Self weight of the soil in  the rupture zones 1 - 3 
Work done by the self weight of the soil in zone 1, Wl.  
Wi = (7s - yw)wivRi 
where 01 is the area of rupture zone 1 
l n, = - B  Z 2 z AB sin @ I  
Work done by the self weight of the slip fan in zone 2 ,  Wz. 
where the analytic solution of Wz is 
- cos(cpd - Q1 + Q z ) ]  - tancpd sin(cpd - B i )  - cos(cpd - O l ) ]  
Work done by the self weight of the soil in zone 3, W3.  
w3 = (7s - yw)w3v03 
where 0 3  is the area of rupture zone 3 
1 1 
0 3  = - ~ E F ~ C E  sin 87 - - 1 ~ ~ 1 ~ ~  sin Q7 2 2 
To establish the work done in equilibrium, the work from the external forces and 
self weight in each individual zone are computed giving the following bearing 
capacity: 
where Ol is the unknown angle to be determined by minimizing the ratio between 
the stabilizing work and driving work and Frubble is the active rubble pressure 
on the seaward side. 
Sliding failure of t he  crown wall with an extended leg on the  seaward 
side (4) 
Sliding is the result of slippage on the sandlrubble materid along the slip line 
from the edge of the foot to the rear end of the crown wall. The crown wall 
sliding plane is shown in Figure 3.17. 
Figure 3.17: Sliding failure on mbble mound. 
Sliding of the crown wall is defined as a displacement, unit increment 6 = l along 
the rubble bed. FR is the resultant force derived from the weight of the crown 
wall reduced for uplift and the wave horizontal load. 
The resulting displacements are shown in Figure 3.18, where wlv is the displace- 
ment of the verticd force wlv = wlsinyod, where w1 = and p d  is the 
effective friction angle, assuming that the normality condition is fulfilled. 
The weight of zone 1 FGlis equal to 
Figure 3.18: Displacernent field for sliding along a rubble underlayer. 
The final work equation for limited bearing capacity is 
sin pd F~ 
= (FG - F" + FGi) . (sin B + -
cos e cos B) cos w 
where FH is the horizontal force from the wave forces, Frubal, is the horizontal 
active rubble force from the seaward side of the crown wall, FG is the weight of 
the crown wall, Fu is the wave induced uplift force, FG, is the weight of rubble 
in zone 1 cf. Figure 3.17 and 6' is the angle between the horizontal and the slip 
line AB. 
Foundation failure in t he  rubble mound with an extended leg on the  
seaward side (5) 
The kinematical admissible rupture slip zone as shown in Figure 3.19 is applicable 
when the optimization angle, B is less than the reduced effective friction angle 
' P d .  
Figure 3.19: Rupture failure in the mbble mound. 
The rupture failure is characterized by a slip line along AB. The correspondiig 
translation of the stiff mass takes place in the direction forming an angle of 
( ~ d  with the slip plane A to B. This is due to the dilation of the soil. The 
displacement field is shown in Figure 3.20 for the slip line along the line 
Figure 3.20: Disphcement field for the stiff rilpture zone. 
The displacement vectors for the horizontai load w l ~  and vertical load wlv are 
shown below: 
The weight of zone 1 and 2 as a function of O is 
1 3 
F ~ i , 2  = -(yB 2 - 7,) f ( b  + st)2 
(cos Osin 0 + sin2 B tan(li 2 + B - arctan(l/l.5)))] 
where (y, - y,) is the reduced specific weight of the rubble. 
The find work equation as a function of B, by equating the external work and 
internal work for a infinitesimal deformation wi: 
sin(ipd - O) 
+(FG - Fu) 
cos (Od 
where F& is derived from the wave pressure, and pore pressure along the rupture 
boundary, F,,bbi, is the active earth pressure on the front side of the crown wall, 
FG1,:! +FG - FV is the weight of the ruhble material in zone 1 plus the huoyancy 
reduced weight of the crown waU and minus the wave induced uplift, p d  is the 
angle of dilation of the rubble mound material and B, is the rupture width of the 
crown wall. The angle 9 cf. Figure 3.19 is the unknown angle to be determined 
by rninimizing the ratio between the stabilizing work and the driving work. 
Foundation failure in the rubbie mound on the seaward side (6) 
The considered failure mode is shown in Figure 3.21. 
Figure 3.21: Failure in mbble mound in  fnctaon based soil. 
Considering that the soil exhibits plastic behaviour, the work equation can be 
formulated as shown in the following, when the foundation is forced to move a 
unit increment 6 = 1 along the first slip line AB. 
Zone 1 and 2 are characterized as a stiff zone which exhihits no internal energy 
dissipation as is the case for zones 2 - 4 along the rim of the rupture boundary as 
the normality condition is fulfilled. These zones slide down the rupture line AB 
causing a instantaneous shift of zone 3. Zone 3 is a set of rotating logarithmic 
fans which exhibit displacement in the same direction as zone 2 until a resultant 
displacement reverses and causes the soil to exhibit a holdiig capacity. Zone 4 
moves as a stiff zone holdiig part of zone 3, zone 1, 2 and the external forces, 
when equilibriurn is present. 
The geometric lengths of the rupture zones are presented as r (radius) and 1 
(length) subscript. These geometrical lengths are determined to calculate the 
area of each individual rupture zone. 
The initial radius of the rupture fan, close to the first stiff zone. 
T B F  = . 
sin Ol 
sin(; - w )  
The radius of the logarithmic spiral, zone 2 along CF. 
The following length parameters are derived to determine the area of zone 3. 
TFC sin(; + v d )  
~ E F  =
sin 07 
where I E F  is the berm width on the rear side of the crown wall cf. Figure 3.22. 
r p ~  sin(& i- 5 - arctan(l.5)) 
I C E  = 
sin 87 
where O7 = 5 - -?f 
I E F  sin(; - arctan(l.5)) 
I D E  = 
sin eg 
where 80 = y + 2 + arctan(l.5). 
Figure 3.22: Geometn'cal figure of t o n e  4. 
Displacement field comesponding to the three mpture zones 
Figure 3.23: Displacement field of the second zone . 
The vertical displacement vector wzv in zone 2 as a function of 0 
wzv(9)  = wle B tan 9 d  sin(qd - 81 + 8 ) ;  8 E [O; 021 
where w1 is the displacement of the slip fan along the rupture boundary line BF. 
F 
B 
Figure 3.24: Displacement field of the slip fans along BF. 
The displacement field for zone 4, see Figure 3.25. 
Figure 3.25: Displacement field of zone 4. 
Self weight of the soil in the mpture zones 1 - 4 
Work done by the self weight of the soil in zone 1, Wl.  
w1 = (7, - ~ w ) w l v n l  
where R1 is the area of rupture zone 1 
Work done by the self weight of the soil in zone 2, Wz. 
where R2 is the area of rupture zone 2 
Work done by the self weight of the slip fan in zone 3, W3. 
where the analytic solution of W3 is 
- cos(cpd - 81 + &)l - tan (ad sin(pd - Ol) - cos(cpd - kJi)]  
Work done by the self weight of the soil in zone 4, W4. 
W4 = (cy, -^lui)w3vfi4 
where 0 4  is the area of rupture zone 4 
To establish the work done in equilibrium, the work from the externai forces and 
self weight in each individual zone are computed giving the following bearing 
capacity: 
where Ol is the unknown angle to be determined by minimizing the ratio between 
the stabilizing work and driving work and FTUbbie is the active rubble pressure 
on the seaward side. 
3.2 Deterministic design of 12 crown walls with 
a plane base, and with an extended leg on 
the seaward side 
The principle crown wall geometries used in this example set are based on the 
Figure 3.2 a - f in the beginning of this chapter. 
In Table 3.2 a series of synthetic crown wall examples are listed, considering two 
different types of real sea waves (locations Bilbao and Fallornica). 
The soil parameters are based on the lower 5 % fractile of the angle of dilation 
and the effective friction angle to determine the reduced effective friction angle. 
The angle of dilation is modelled by a log normal distribution with a mean value 
0.29 rad and a standard deviation equal to 0.035 rad. In the case of the effective 
friction angle the mean value is 0.73 rad and the standard deviation is 0.09 rad. 
Figure 3.26: Geornetry of the crown wall 
The weight of the two crown wall geometries is given by the following two equa- 
tions: 
Plane crown wall 
FG = (hwtc + ( b  - tc)tb)pcg k N / m  
Crown wall with a leg 
FG = (hwtc + ( b  - tc)tb)pcg +tb(& - p,,,)g k N / m  
where FG is the weight of the crown wall with out includiig buoyancy, t b  is the 
thickness of the crown wall base, t ,  is the thickness of the crown wall crest, b 
is the width of the crown wall (not including the width of the crest section of 
the crown wall), h, is the height of the crown wall. The selected pararneters are 
illustrated in Figure 3.26. 
In the following Table 3.2, the optimal crown wall width is determined based on 
the above mentioned parameters and the parameters listed in the table. 
The pararneters in Table 3.2 from left to right are, Q overtopping rates, R (free- 
board height), A, (height from sea water level to  the berm crest), G (Berm 
-Tr. 
width), Q actual overtopping rate, TI, return period in years for the overtop- 
ping rate, thickness of the crown wall base tb and thickness of crown wall crest 
is t,. 
In Table 3.2 the deterministic design of 12 crown walls design are based on sliding 
failure and rupture failure in the rubble mound. For the plane crown wall the 
width decreases as the crown wall height increases. This is due to the resultant 
force acting on the base of the crown wall is shifted towards the seaward edge 
of the crown wall; thus decreasing the bearing capacity of the crown wa11. The 
large weight of the crown wall on the seaward side is more dominant than on the 
rear side of the breakwater even though the height of the crown wall decreases. 
Rupture failure mechanism 2 (crown wall failure) was the failure mode which 
decided the design in the first three cases in Table 3.2. 
The weight of the leg on the seaward side and the upper wall are dominant 
compared to the plane crown wall case. This is the reason the crown wall width 
decreases with decreasing crest height. Rupture failure mechanism 6 (crown wall 
failure) was the failure mode which decided the design in the last three cases in 
Table 3.2. 
Sable 3.2: Deterministic design of 12 crown wall designs, corresponding to 2 
wave states (Bilbao and Fallornica) and 3 overtopping levels, for a 
plane crown wall with an extended leg and without an extended leg. 
TL corresponds to the return period in years for a given wave height 
H Z .  

Main armour 
and toe in rubble 
mound brea kwaters 
Failure of various sections of a rubble mound breakwater can be crucial for the 
stability of the rubble mound breakwater as a whole. This is illustrated in Figure 
4.1, showing a series of failure modes for a rubble mound structure. Ensuring 
static stability of the armour layer and toe berm and crown, enables stability 
of the primary sections of a rubble mound breakwater. The combined static 
stability of the armour layer and toe berm wiii be investigated. 
The main function of the toe berm, is to keep the main armour layer in place 
so that movement is restricted to a minimum. As the water depth is lowered 
at the breakwater, the stability of the toe will usually decrease, although still 
dependig on the water depth at foot of the breakwater. The armour layer is 
also more susceptible to damage close to the toe, when the water level decreases 
towards the toe berm, due to possible increase in the effect of run down which 
simultaneously affects the stability of the toe berm. 
Overtopping 
Erosion, breakage reakage, sliding , tilting 
af capping wall 
. 
--__-I 
Figure 4.1: Failure modes for a conventional mbble mound breakwater, Burcharth 
(1 991) 
Stability of the armour layer and armour layer will be determined, using van der 
Meer's static stability formula (1988) and Gerding's (1993) toe berm stability 
formula. Further experimental data from Lamberti (1994) will be used to model 
the interaction between the armour layer and toe berm interaction. 
4.1 Stability of the toe (rock) 
The toe keeps the armour in place, to ensure that the armour layer does not 
slide down towards the sea bed. The toe is usually designed using smaller rock 
material than the armour layer, due to the reduced effect of run down. 
The stability of the toe berm has been derived from laboratory tests performed 
by Gerding (1993). The pararneters of significance from his data analyses was 
found to be: 
significant wave height : H, 
nominal stone diameter of the toe Z Dko 
stone mass density PS 
water depth at the foot of the toe : h, 
water depth at the foot of the armour layer : ht 
relative mass density : A = ( P S - P ~ ) / P W  
The stability of the toe was based on a complete stable armour layer. Gerding 
(1993) did not find a clear correlation between the damage of the toe and the 
wave steepness, and the berm width. The damage level is classified as NOd 
(number of stones displaced within a strip width 
N0d=0.5 hardly any damage 
N0d=2 acceptable damage, design criterion 
N,d=4 unacceptable damage 
The toe stability is shown graphically in Figure 4.2 based on Gerdings (1993) 
results: 
Figure 4.2: Design line for toe berm stability, reproduced from Gerdings expen- 
mental  data. 
Equation (4.1) are valid within the following boundaries, equation (4.2) - (4.2), 
set by the laboratory tests. 
It should be noted that the toe berm equation is valid for rock with a density of 
approximately 2680 kg/m3. The uncertainty of the toe berm stability equation 
(4.1) can be modelled as having a mean value of 0.96 and standard deviation 0.1 
based on Gerdings laboratory results. 
4.2 Stability of the armour layer rock 
The armour layer in the rubble mound is the outermost rock layer susceptible to 
wave attack. Therefore the stability of the armour layer is of vital importance 
as the safety of the rubble mound breakwater depends strongly on this layer. 
Static stability of the armour layer is dependent of the gravitational forces. The 
rough classification H,/AD:,, (where D& is the nominal stone diameter of 
armour rock) indicates that the stability coefficient for stable breakwaters lies in 
the region 1 - 4 , where little damage is allowed under severe design conditions. 
The relationships between the governing variables can be given by two stability 
equation, one for plunging waves and for surging waves, taken from van der Meer 
(1988). 
For plunging waves 5, 2 1.5: 
For surging waves 5, 2 5: 
where S is the damage parameter equal to eroded area of the armour layer over 
the nominal armour diameter squared, i.e. S = A,/D: , ,~ ,  P is the permeability, 
N is the number of waves, a  is the slope of the rubble mound and the surf 
similarity parameter J, = tan a / J ~ x ,  where L, is the mean wave length 
based on the mean wave period. 
The transition from plunging to surging waves is described by interpolation 
between the two equations (4.4) and (4.5): 
Depending on the slope angle and permeability the transition lies between J,,, = 
2.5 and 4. This is usually the region where the incident wave collapses on the 
rubble mound. 
The limits of the governing variables is given by: 
The permeability coefficient P can be related to the volume of water dissipated 
in the core of the structure. Equations (4.4) and (4.5) have been confirmed in 
conjunction with large scale tests. In a stochastic model the uncertainty of the 
equations (4.4) and (4.5) can be modelled by considering the constants 6.2 and 
1.0 as stochastic variables. The two constants can be assumed to be normal 
distributed with a standard deviation of 0.4 for the constant 6.2 and 0.08 for 1.0, 
see van der Meer (1993). These values can be used in evaluating the uncertainty 
of the design equations for the design of the armour layer. 
4.3 Evaluation of the failure mode interaction 
between main armour and toe berm 
A combined analysis of the multiple failure modes of armour layer and toe berm 
will result in an alternative evaluation of the existing single failure modes as the 
separate failure modes of the arrnour layer and toe berm may not sufficiently 
establish design of the structure. In reality the armour layer and toe berm will 
interact under certain design wave conditions and result in a combined failure 
mode of a system. The following interaction schemes have been established from 
video recordings of the tests performed by Bologna University: 
Failure of the toe berm can be dected by partial failure of the main armour 
(positive effect) cf. Figure 4.3. The run down will cause partial failure 
of the armour layer and will move rocks from the armour layer to the toe 
berm, thus improving the stability of the toe berm. However, the run 
down can also be of a magnitude where rock from the armour layer will 
force movement of the existing rock material in the toe berm and hereby 
reduce the stability of the toe berrn. 
Failure of the armour is affected partly by the failure of the toe berm (negative 
effect) cf. Figure 4.4 Partial damage of the toe berm will cause instability 
of the armour layer when the width of the toe berm is reduced to an 
extent where the toe berm is not able to hold the armour layer back from 
sliding. The magnitude of the run down can affect the overall stability of 
the armour layer by forcing armour rocks to move the smaller rocks in the 
toe berm. 
The most important factors describing the darnage levels are Ned (darnage level 
considering displacements in a strip of Dns0), and S (damage level related to 
grave1 or rock of smaller size, eroded from the rubble mound). 
CED TOE STAEUTY 
Figure 4.3: Stability of the toe b e m  affected by partial failure of the  a m o u r  layer 
(positive effect) 
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Figure 4.4: Failure of  armour  layer affected by partial failure of the toe b e m  
(negative effect) 
4.4 Definition of the damage level between ar- 
mour layer and toe to interpret armour layer 
and toe berm interaction 
A series of definitions of the damage levels are done to interpret the interaction 
between the armour layer and toe berm. The damage levels are quantified in 
such a way that the interaction can be resolved and the new design equations 
can be cdibrated. The test series used by Lamberti et a1.(1994) consist of smal1 
rock size, for the armour layer D&, = 2.4 cm - 1.5 cm and for the toe 
D:,, = 2.04 cm - 0.68 cm. The damage level S and N,d will be used to 
quantify the stability of the armour layer and toe berm. 
The damage level in the armour layer is denoted as SA 
The damage level in the toe layer is denoted as DT 
The critical damage level in the armour layer is Szand this is regarded as the 
accepted damage level regarding a specific design. 
The critical damage level in the toe berm is Dy and this is regarded as the 
accepted damage level regarding a specific design. 
Arrnour failure alone 
Failure occurs when SA > Sy. This is usually the case, unless erosion takes 
place locally in the armour layer, thus resulting in little or few stones reaching 
the toe berm. 
Toe berm failure alone 
Failure occurs when DT > D y .  The damage level DT is often influenced by 
movement of stone material from the armour layer to the toe berm. 
A m o u r  failure wéth a negative effect from the toe berm (intemction) 
Failure occurs when DT 2 D; and S i  > S2 
D; corresponds to the critical level of damage of the toe berm causing instability 
of the armour layer (D; 5 D g ,  stable toe) and Si corresponds to the damage 
level of the armour layer caused by the instability of the toe when (DT 2 D;). 
Armour failure wéth a positive efect on the toe berm (interaction) 
Failure occurs when SA > SI and D$ > D y  
S; corresponds to the critical level of damage of the armour layer causing an 
increase in the stability of the toe berm as lang as ( S i  <: SA)  and D$ cor- 
responds to the revised damage level of the toe berm from the deposition of the 
armoured stones on the toe berm. 
4.4.1 Derivation of the modified design equations for ar- 
mour layer and toe berm 
A series of laboratory tests of different main armour and toe berm cross sections 
were performed at The University of Bologna, to establish a measurable effect 
of main armour and toe berm interaction. The test setup and laboratory test 
results of the main armour and toe berm interaction are documented in Lamberti 
et al. (1994). 
The armour layer stability equation cf. section 4.1 and toe berm stability equa- 
tion cf. section 4.2, are used as a basis to derive the interaction between the 
main armour and toe berm from the experimental data provided by University 
of Bologna. The accepted damage level and critical damage level have been eval- 
uated for the toe berm and armour layer in section 4.4. These damage levels 
give the range in which each design equation is valid in the following. It should 
be noted that the damage parameters in section 4.4 are calculated on the basis 
of the significant design parameters for each design equation, i.e. the darnage 
level criterion cannot be evaluated as a isolated phenomenon. 
The following design equation (4.7) for the toe berm Gerding's equation (4.1). 
It is valid in the interval O < ht/D;,, < 4, where little effect on the stable toe 
berm is expected from the movement in the armour layer cf. Figure 4.5. 
Zt,, is the uncertainty of the equation and is assumed to be normaiiy distributed 
with an expected value equal to 0.96 and a coefficient of variation equal to 0.1. 
The design equation for the main armour plunging waves is expressed as: 
where the equation (4.8) covers breaking and non-breaking wave conditions, with 
the limits given by van der Meer (1988), the equation is the same as equation 
(4.4). 
The stabilizing effect on the toe berm from the rock material in the armour 
layer can be derived from Figure 4.5 and is modelled by equation (4.9), with 
new calibration constants Cl and C2. It should be noted that the derivation 
does not include the points for ht/Dk,, > 13 as the toe berm is wide here. 
Also the data points included in Figure 4.5 only include the positive effect of 
deposition of the armour layer on the toe berm. This has been confirmed from 
the video recordings of the tests series. 
Cl = 0.26 and C2 = 1.52, Z&, is the uncertainty of the modified toe berm 
equation which is assumed to follow a normal distribution with a coefficient of 
variation equal to 18%. The equation (4.9) is expected to be valid for: 
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Figure 4.5: Toe bemn data from Uniwersity of Bologna compared wath Gerdings 
modified equation (showing a positive effect). 
The corresponding darnage level of the armour at the intersection point is defined 
as 5'2, cf. Figure 4.6. This is Che point where van der Meers equation (4.4) 
intersects with the new modified van der Meer equation(4.12). 
where C3 = 8.44 and Cq = 0.32, C3 is modelled as the uncertainty of the modified 
armour equation and assumed to follow a normal distribution with a coefficient 
of variation equal to 30%. The equation (4.12) is valid in the boundaries given 
by: 
--- van der Meer eq. (plunging) 
Figure 4.6: Design equatzons based o n  a m o u r  layer damage to  d e t e m i n a t e  S$ 
(positive effect). 
The stability of the toe is reduced when the toe berm width is simultaneously 
reduced, thus altering the present static stability of the armour layer. This is 
shown graphically in Figure 4.7, where equation (4.1) has been fitted to the data 
set from Bologna University. The data set only includes the negative effect of the 
toe berm on the armour layer. This has been confirmed from video recordings 
of the tests. 
Figure 4.7: A m o u r  layer data from Universety of Bologna compared with van 
der Meers fomula (1988) (negative effect) 
The design equation for the main armour after partial damage from the toe berm 
is expressed by adjusting the constant Cg and Cs in equation (4.13). 
where Cs = 6.6, c6 = 0.32, Cs = 6.6 is assumed to have a variation coefficient 
corresponding to 29%. Equation (4.13) is expected to be valid in the boundaries: 
The negative effect is expected to commence when NOd > D+, at the intersection 
point cf. Figure 4.8. 
H8 = (c, . T ht -k 4 . N,":~ 
A D L O  Dn50 
where C7 = 0.13 and Cs = 2.58, Z&, is the uncertainty of the modiied toe berm 
equation assumed to follow a normal distribution with a coefficient of variation 
equal to 26%. 
The equation (4.14) is expected to be valid for: 
Figure 4.8: Design equations based o n  toe berm damage to de teminate  D? (neg- 
ative effect). 
The design equations derived from data provided by Lamberti (1994), do not give 
a clear indication of the armour layer and toe berm interaction cf. Figure 4.5 
- 4.8. The large deviation in the measured damage levels Nod and S compared 
to experimental data from Gerding (1993) and van der Meer (1988) indicate a 
combined effect of the armour layer and toe berm. Interpretation of the damage 
level in the toe berm is of high importance when evaluation of the interaction 
takes place. The damage level in the toe berm could be derived in terms of 
Ntd(Dn5,,, DE5,,) or St (D;5O, Dg50). The effect of wave steepness and berm width 
should also have been irnplemented in the toe berm equations. This would at 
present drastically increase the uncertainty of the toe berm stability equations, 
so this is left aside til1 further investigation. 
It should be noted that D+ and S: are based on the laboratory tests performed 
by Bologna University and cannot be regarded as global constants covering all 
cases of design of rubbie rnound breakwaters. Also D+ and S; should not be 
evaluated as a strict criterion as some fluctuation at the intersection points is 
expected. 
Reliability methods 
This chapter is devoted to description of reliability rnethods. A general discus- 
sion of reliability methods can be found in Sorensen (1994a), Burcharth (1992), 
Madsen et al. (1986) and Thoft-Christensen et al.(1982). The necessary tools to 
solve non-linear problems, system reliability and reliability based optimization 
will be presented in the following. 
5.1 Reliability modelling 
Physical, statistical and model uncertainty of uncertain parameters are modelled 
by a set of n stochastic basic variables X = (X1,X X,) defined by the joint 
probability density function f,(x). 
The failure state is modelled as a limit state function g(x) which describes the 
boundary between failure state, limit state and safe states. For an outcome x of 
X, g(x) is defined by: 
< O failure 
= O limit state 
> safe state 
The reliability is measured by the probability of survival R 
where the probability of failure is defined as 
This multi dimensional integral can generally not be solved analytically and nu- 
merical integration is not possible when dimensions are greater than two. Feas- 
ible techniques are level II reliability methods First Order Reliability Method 
(FORM) where linearization of the failure surfaceis per~orme&around thcdesip 
point and Second Order Reliability Methotl (SORM) where a quadratic approx- 
imation tothe failure surface is perTormed around the design point. Simulation 
methods can also be efficient in a number of cases. 
5.2 Levels of reliability methods 
Structural reliabiiity can be subdivided into levels, depending on the amount of 
information available in a problem formulation. This can lead to different types of 
classifications of reliability levels. The ones used here are from Burcharth(l992) 
and Madsen et al. (1986) and consist of four major levels. 
m Level I reliability methods are characterized by a single value for each uncertain 
quantity i.e. partial safety factors. 
m Level II reliability methods are characterized as having two vaiues of each 
uncertainty quantity, this could be the mean vaiue and the standard devi- 
ation. 
Level III reliability methods are characterized by the joint distribution of un- 
certainty quantities. 
Level IV reliability methods which are based an the total expected utility of 
the structures to be designed and employ the knowledge of costs and be- 
nefits of construction, inspection, maintenance, experiments, consequences 
of failure etc. 
In this thesis no clear dierentiation between level II and level III will be made as 
information will often exceed a level II reliability evaluation, but not completely 
satisfying a joint distribution necessary for a level III reliability evaluation. Level 
IV will not be investigated in detail in this thesis, but is a step towards realization 
of a structure to be constructed and evaluated on a probabilistic basis. 
5.3 First and second order reliability 
Limit state equations are often of a non-linear type and therefore, a linearization 
of the failure function is performed using a Taylor expansion series resulting in 
the method First Order Reliability Methods, FORM and Second Order Reliab- 
ility Methods, SORM, where a quadratic approximation is assumed. In order 
to determine the probability of failure by use of FORM/SORM the following 
procedure is adopted. 
The basic variables X must be transformed into a set of independent standard 
normally distributed variables U by the transformation T, T(X) = U. The limit 
state fiinction for an outcome x of X becomes 
Stochastic variables can be non-normal distributed resulting in a necessary trans- 
formation of non-normal dependent stochastic distributed pararneters so that 
the reliability index can be determined, Nataf (1962). For dependent stochastic 
variables Xi, i = l, ... n the Rosenblatt Transformation can be used to define a 
transformation to the u-space of uncorrelated and normalized normally distrib- 
uted variables ui, i = l, ... n. Two different transformations are often used in 
the transformation of dependent, non normal distributed variables, Rosenblatt 
Transformation, Madsen et al. (1986) and the approximate Nataf Transforma- 
tion The choice of transformation depends on the available statistical informa- 
tion. 
The Hasofer & Lind reliability index P is defined as the smallest distance from 
the origin O in the u-space after the transformation from the x space, cf. 5.1, to 
the failure surface g,(u) =O. B is commonly known as the first order reliability 
index cf. Figure 5.2. 
Figure 5.1: Definition of the transformation from x-space to u-space . 
The minimum distance from a point on the failure surface to the origin in the 
standard normal space must be found. This design point u* is called the B point 
and can be formulated by the optimization problem 
min JUTU 
U 
approximating tangent 
h y ~ e ~ l a n e  p - a T u ~  
Figure 5.2: Definition of P in the u-space 
and the minimum distance is p = m. The design point is shown in u-space 
in figure 5.2 
The probability of failure corresponding to the linearization of the failure surface 
at the design point, cf Figure 5.3. can be approximated by 
9 = @(-P)  
where @ is the standard normal distribution function. 
Figure 5.3: illwtmtaon of the diability indez and probabiliiy failure. 
The unit normal vector a to the linearized tangent hyperplane is: 
where Vug(T-'(u)) is the gradient vector g with respect to u 
When the failure surface is strongly non-linear a better approximation of the 
probability of failure can be obtained by applying SORM which uses a quadratic 
approximation to the failure surface at the P point. 
5.4 Systems reliability 
Failure of a structure is seldom signified by one failure mode, i.e a set of single 
failure modes of a structure may introduce a multiple set of failure modes, result- 
ing in a system of failure which are referred to as series and/or parallel system. 
Illustration of failure components in a series system and parallel system can be 
seen in Figure 5.4 
Figure 5.4: Illustration of a series and parallel system of failure components. 
where l...m denote the single failure components modelled in a series system and 
parallel system. 
5.4.1 Series system 
When one of the failure components fail then the systems fail, i.e the breakwater 
has no load carrying capacity after one component fails. The probability of 
system failure PfS can be written as a probability of unions: 
where gi (X)  is the failure function corresponding to i = 1,2..m and the FORM 
approximation of the generalized serie systems reliability index ,!Y can be estim- 
ated as: 
where @, is the m-dimensional standardized normal distribution function, DC is 
the vector of the reliability indices of the individual failure modes PC =(Bf, @&..@$)T 
and p the corresponding matrix of the correlation coefficient's determined as 
where ad is the normalized a-vector component i given by eq. (5.8) for further 
information see Madsen et al. (1986). 
Simple upper and lower bound techniques can also be applied to estimate the 
probability of failure of a series system. The simple upper and lower bounds for 
the probability of failure for a series system is: 
Upperbound Py= 1-(1-Pf i ) ( l -Pf2)  ...( l - P f m )  
Lower bound Pf LB - m q c l  Pfi 
where Pf, corresponds to probability of failure of the components i = l...m, the 
upper bound corresponds to no correlation between the failure components and 
the lower bound corresponds to ful1 correlation. When failure of one component 
is not dominating compared to the other failure components in the series system 
the simple bounds offer too wide a range and therefore are of minor interest and 
practical use. An improved upper and lower bound can be determined by the 
narrow bounds developed by Ditlevsen (1979). 
5.4.2 Parallel system 
A parallel system fails when all the components fails, i.e. the parallel system is 
defined as intersections of failure events. The probability of failure of a parallel 
system consisting of m components can be written as 
where g,(X) is the failure function corresponding to i = 1,2..m and the FORM 
approximation of the generalized parallel systems reliability index PP can be 
estimated as: 
where <Prn is the m-dimensional standardized normal distribution function, PC 
is the vector of indices at component level pc =(P;,,Bi...P&) and p the corres- 
ponding matrix of the correlation coefficients. 
In a parallel system where the failure surface is non-linear, equation (5.15) will 
result in an unrefined approximation, see Hohenbichler (1987). An improved 
approximation of the reliability index for a parallel failure set can be obtained 
by by use of a joint ,BJ point and not the individual B points obtained from the 
component reliability analyses. 
The joint pJ point can be obtained from the following optimization problem. 
min 
U 
&x (5.16) 
At the joint /3 point in the standard normal u- space generally mA < m failure 
functions intersect. The corresponding estimate of the probability of failure and 
reliability index is 
where pJ and pJ correspond to linearization made at the joint ,f3 point. 
A better approxirnation of parallel system probability of failure can be obtained 
l 
by including the inactive constraints, see Hohenbichler et al. (1987). 
i 
I Simple upper and lower bound techniques can also be applied to estimate the 
I 
I probability of failure of a parallel system. The simple upper and lower bounds 
for the probability of failure for a parallel system is: 
Upper bound P? = minzf l f i  
Lover bound P? = PfiPf z...Pfm 
where P?, corresponds to probability of failure of the components i = l...m, the 
upper bound corresponds to ful1 correlation between the failure components and 
the lower bound corresponds to independence. 
5.4.3 Series system of parallel systems 
Failure of a structure is seldom signified by a single failure component but a set 
o£ failure modes in a multiple system consisting of a series system of parallel 
systems. Iilustration of failure components in a series system of parallel systems 
can be seen in Figure 5.5 
Figure 5.5: illustration of failure components in a series system of parallel sys- 
tems. 
where l...m denotes the single failure components modelled in a parallel system, 
and the encircled numbers signify the series system consisting of single failure 
components and parallel systems. The reliabiiity of the multiple system is ana- 
lysed by solving the parallel system as described in section 5.4.2, and thereafter 
treating the system as a series system as described in section 5.4.1. For a more 
detailed explanation of serie system of parallel systems , see Sgrensen (1994a) 
5.5 Sensitivity evaluation 
Sensitivity of a reliability evaluation can be divided up into sensitivity of the 
reliability index to a deterministic parameter or a stochastic parameter. The 
sensitivity of the stochastic parameters to a given reliability index can also be 
evaluated, to show the significance of the individual stochastic parameters in 
design. Sensitivity of the stochastic parameters can be characterized as elements 
in the (Y vector, defined in equation (5.8) The (Y vector is a unit normal vector 
of the tangent hyperplane cf. figure 5.2, i.e. )a) = 1. Therefore for independent 
stochastic variables a: must give the percentage of the total uncertainty associ- 
ated with Ui and Xi. A more thorough application of <r: as a sensitivity measure 
cm be seen in Madsen et al. (1986). 
Parameterization of the sensitivity parameters are defined as derivatives with 
respect to the deterministic parameters bi. The sensitivity parameter can be 
derived from the limit state equation in transformed form g(T-'U, b) or as a 
stochastic related variable X with a given probability distribution, where X is 
related the standardized variable U by U = T(X, b ) .  
For a given deterministic parameter in terms of a limit state formulation, the 
sensitivity of the first order reliability index is: 
For a distribution parameter the sensitivity of the first order reliability index P 
is: 
where u* and x* are the B point in u-space and x-space. 
For the corresponding first order estimate of the probability of failure the sens- 
itivity is: 
-- 
OB BPf - -p(-p)- 
dbi abi 
where cp is the standard normal density function. 
5.6 Non-linear optimization 
The failure surface presented in figure 5.2 can be very non-linear, so in terms 
of accuracy and time, an efficient non-linear algorithm is sought to determine 
the minimum distance to the failure surface from origo in the standard normal 
space, see section 5.3. A general optirnization problem can be formulated in the 
continuity space as 
min F ( z )  
e 
where z = (zi ... z ~ ) ~  are the optimization variables, F ( z )  is the objective func- 
tion, fi, i = l...me is the equality constraints and f i ,  i = 1 + me...m are the 
inequality constraints and zf < zi 5 z:, i = l , .  . . ,N  is the lower and upper 
bound to  zi in the continuous solution space. 
The solution to an optimization problem is denoted as z*. Equations (5.24) to 
(5.27) and the constraints for which fi(z*) = O , i = l ,  ... m are denoted as the 
activc constraints. Usually the optimization problem equations (5.24) to (5.27) 
is non-linear and non convex. 
The formulated continuous non-linear formulation in this thesis is solved using 
the first order algorithm NLPQL by Schittkowski (1985). The NLPQL algorithm 
is based on the sequential quadratic optimization method by Han, Powell and 
Wilson, see Schittkowski (1985), which approximates the Hessian matrix from 
gradients by BFGS method, see Gill, Murray & Wright (1981). 
5.7 Reliability based optimization 
Optimal design of a breakwater for construction or rehabilitation is always of in- 
terest to a design engineer, so that the monetary aspects (cost benefit analysis) 
of the structure is kept at a minimum without compromising the project. Op- 
timal reliability based design of a structure is way of devising an ideal structure 
for the client based on a fixed reliability index. An example is presented in the 
following where the reliability index is fixed and the decision variables could be 
the geometrical values from a cross section of a vertical breakwater including the 
rubble mound. 
The design (decision) variables are denoted b = (bi,. . . , bN), for i = l..N, i.e. 
the number of design variables N. 
If the objective function is chosen as the total expected costs CT of the struc- 
ture during the lifetime, the optimal design can be found as the solutio~i to the 
optimization problem 
min CT (b) = Cr (b)  + CF PI. (b) 
b 
where bf and by are lower and upper bounds to bi, Bi is the deterministic con- 
straint associated with the design variables bi , Cl is the initial/construction 
costs, Cp is the costs of failure, andPf is the probability of failure during the 
expected lifetime of the breakwater. 
Alternatively an element reliability-index based optimization problem can be 
formulated 
min Cr(b) 
b 
where pi is the reliability index for failure mode i and ,By is the corresponding 
lower bound on the reliability index. Equivalent solutions from (5.28)-(5.30) and 
(5.31)-(5.32) can be obtained by suitable choices of ,B,mi" i = l, ... m The above 
optimization problems are usually non-linear and non-convex. The optimization 
problems can be solved effectively using non-linear optimization algorithms and 
FORM. 
The reliability indices in (5.32) are determined on the basis of limit state func- 
tions written as gi(x(b), b) = O, i = l ,  ..., m. In a traditional deterministic 
design the design (optimization) problem the constraint (5.32) is exchanged by 
the deterministic constraint 
Bi(b) =gi(xD(b,7) ,b)  2 O ,i = l , .  . . ,m 
where xD are design values calculated using the statistical parameters for the 
stochastic variables, X, and 7 are the partial safety factors. 

Reliability based 
design of vertical 
brea kwaters 
The following chapter is devoted to characterizing the stochastic variables used in 
formulating the limit state equations for design of vertical breakwater foundation 
failure modes so that a reliability evaluation can be performed. Application of 
reliability analysis on existing vertical breakwaters based on the rupture failure 
of the foundation, sliding and overturning will be shown to give a qualitative 
evaluation of the failure modes. Further more an exarnple of a vertical breakwater 
on a high and low rubble mound, under similar wave conditions will be evaluated 
to determine the sensitivity of the foundation failure modes. This chapter is an 
based on the preceeding chapters. The principle design algorithm for a reliability 
evaluation is presented in Figure 6.1 
designed, 
Rubble mound or 
Vertical breakwater 
Irdeni@ relevant I 
l~etermimstic design I 
formulation 
I~valuation of present design I 
Figure 6.1: Design flow diagram for a reliability evaluation of breakwaters. 
6.1 Characterization of stochastic variables for 
vert ical breakwaters 
All variables are in principle stochastic parameters in a limit state formulation. 
In a level II reliability evaluation the parameters should'be defined by a normal 
distribution with a mean value and standard deviation, if no other distribution 
can clarify the statistically uncertainty of the parameter in question. Some 
parameters e.g. the geometrical parameters have smal1 coefficients of variation 
and can be regarded as deterministic variables. The parameters which have some 
degree of uncertainty in breakwater design will be discussed in the following. It 
is regarded that all characterized stochastic parameters are independent, unless 
stated otherwise in the text. 
6.1.1 Modelling uncertainty of the Goda's wave load model 
Statistical uncertainty of physical-mathematical models will always have relev- 
ance, as the mathematical model of physical processes are often calibrated by 
means of smail scaie experiments or prototype observations. The limited num- 
ber of experiments or observations and imperfection of the model will result in 
differences which will exist between predicted and observed outcomes. 
The model uncertainty of Goda's wave load formulation is assumed to be mod- 
elled by normal distributed stochastic variables. This has been clarified by van 
der Meer (1992) and Bruining (1994) whom performed a number of laboratory 
tests to  evaluate the uncertainty related to the horizontal wave load, wave in- 
duced uplift force, horizontal moment and wave induced uplift moment. In Table 
6.1 the uncertainty of Goda's wave load formulation compared to  recorded wave 
loads from the laboratory are presented. 
Table 6.1: Uncertainty of the horizontal wave induced force, uplift force, hori- 
zontal moment and uplift moment (vertical composite type). 
Xi 
.Zfi 
zfi 
ZME 
ZMU 
It is clear from Table 6.1 that the coefficient of variation are very high for the 
wave induced uplift moment and the horizontal wave load moment. The ho- 
rizontal wave load is clearly dependent on the horizontal moment through the 
formulation of Goda's wave loads, so therefore the correlation must be taken into 
consideration when the reliability analysis is performed. The same applies for 
the wave induced uplift force and wave induced uplift moment. 
Incorporation of the model uncertainty in Goda's wave load formulation is presen- 
ted in the following. The wave induced horizontal force, uplift force and the 
reduced weight of the vertical structure due to buoyancy can be calculated from 
equations by Goda and Takahashi. The geometrical pararneters are shown in 
Figure 2.4 
pxi 
1.20 
1.40 
1.49 
1.34 
FX; 
0.25 
0.25 
0.37 
0.40 
3% 
P X ;  
0.20 
0.18 
0.25 
0.30 
Reference 
van der Meer et al. (1992) 
Bruining (1994) 
Bruining (1994) 
Bruining (1994) 
ZFH is the stochastic variable signifying the uncertainty of the horizontal force 
and ,ZFtr is the stochastic variable signifying the uncertainty of the uplift force. 
The moment about the heel of the caisson breakwater can be calculated by 
applying Goda's and Takahashi's formulae to the above given parameter values 
as: 
1 
MG = - (p ,  B.h,.9.81-Bp,,,,(hf+<).9.81)B klv 2 
.ZILiH is the stochastic variable signifying the uncertainty of the horizontal mo- 
ment and ,ZMu is the stochastic variable signifying the uncertainty of the uplift 
moment. 
6.1.2 Modelling uncertainty of the design wave parameters 
Statisticaily variability of wave parameters i.e. significant wave height H, and 
peak wave period T, are the most significant parameters in breakwater design. 
For design purposes the 50 year return wave heights are of interest and signi- 
fied as HBO. Analysis of extreme wave height is quite diverse, but the method 
often used is the peak value method which employs the peak wave heights of 
individual storm events, see Purcharth and Liu (1994) for further explanation of 
fitting methods. The extreme wave data height are usually modelled by extreme 
distributions which are explained in depth in the next section. 
The wave period can be modelled in a joint distribution with the significant wave 
height, but this is often based on semi-empirical relations which do not clearly 
model the situation. 
A possible way to formulate the joint distribution of the extreme wave heights 
and corresponding periods is to e.g. apply a conditional three parameter Weibull 
distribution of the period, conditioned by the significant wave height in deep 
water. 
X ï '  
Hso - BH., 
F ~ ( H s O ) = [ l - e X P ( - (  H,, H,,>>BH~~ (6.7) 
FT, (Ts I H,,) = 1 - exp BT,[H, ,(~.~)  
where the pararneters A, B, k subscript are the Weibull parameters and X is the 
average number of H,, data vaiues per year. 
As wave data is usually lacking with respect to extreme events H,, and T,, using 
a joint distribution may not unambiguously clarify the wave period in a condi- 
tional distribution as uncertainty of the pararneters AT* IH.. , BT, IH,. , kT,psa in 
for example determining H:tO and corresponding T, may lie outside the bounds 
of available wave data. Therefore it does not seem applicable at present to incor- 
porate the wave period into a joint distribution, and implementation into design. 
Presently the wave period for design is taken from an interval which corresponds 
to the extreme wave heights for design. 
6.1.3 Modelling uncertainty of the design wave height in 
deep water 
The deep water wave clzmate characterized by H,, usually follow a extreme 
wave height distribution i.e. Weibull, Gumbel or Exponential distribution. The 
maximum significant wave height within T years for a Weibull distribution is 
then given by as: 
where X is the average number of H,, data d u e s  per year and the equation is 
the same as eq. (6.7). B is usuaily regarded as a deterministic parameter. 
The stochastic uncertainty of the A and k values are taken as normal distributed 
stochastic variables with a variance based on the maximum likelihood estimates. 
The expected value and standard deviation of A and k are presented in Table 
6.2. 
Table 6.2: Mean and standard deviation of A and k values in a Weibull distri- 
bateon, (taken from Burcharth (1 992b)). 
k 
A 
where N is the number of available H,,-values and r is the gamma function. 
6.1.4 ModeIIing the uncertainty of the short varaibility of 
the measured wave height 
mean 
i 'k  
i' A 
The extreme wave heights are measured by means of different technics e.g. ac- 
celerometer buoy, hindcast etc. and this may influence the chosen distribution. 
The parameter FH, models the measurement errors and the short term variab- 
ility of the significant wave height H,. This parameter has a mean value equal 
1 and a standard deviation  UF,^ which lies in the range 0.05 - 0.35 depending 
on different measurement technics. 
standard deviation, a 
z & (appioximation) 
0.5 
In this thesis FH* is expected to be normal distributed with a mean value equal 
1 and a standard deviation equal to 0.05. Reference is given to PIANC Working 
Group 12, Subgroup 12, Burcharth (1992a) for further information. 
6.1.5 Modelling the uncertainty of wave heights in the surf 
zone 
As the waterdepth decreases from deep water to shallow water, wave transform- 
ation will result in refraction (when waves are not head on), shoaling and finally 
wave breaking. When structures are placed in shallow water the breaker heights 
have to be considered to determine the true wave induced loads. 
Uncertainty of the wave heights in deep water will diminish, when the breaker 
wave heights come into effect. Therefore the uncertainty of the breaker heights 
should be considered in design in depth limited cases. 
The design wave height Hdesign = to be applied in the Goda formula is 
in the case of no surf zone in front of the structure taken as 1.8. H,,. 
Goda (1994a) concluded that the uncertainties related to shoaling wave heights 
are low. He applied laboratory data from Tanimoto (1984) and concluded that 
the coefficient of variation of the design wave height Hdesig,, in the surf zone is 
estimated to be be 9% in the range hb/H,, < 0.2. This variation coefficient can 
be applied prior to wave breaking and without any addition of variability from 
deep water 
In case of a surf zone in front of the structure the breaker height is taken as 
(Goda, 1994a) 
where hb is the water depth at a distance 5Hs seaward of the structure and Lo 
is the deep water wavelength. Consequently, Hdesign = min[l.8Hs,, Hb]. 
Wave breaking fluctuates at fixed locations even under controlied laboratory con- 
ditions. This was observed from numerous laboratory tests which were analysed 
by Goda (1994a) to determine the coefficient of variation for the breaker height 
ratio Hb/hb,  where hb = h, + 5Hs, tan8 and tan8 is the slope of the foreshore. 
The variation coefficient for different foreshore slopes are summarized in Sable 
6.3. 
Table 6.3: Coeficient of variation of the breaker height ratio Hb/hb. 
6.1.6 Modelling the uncertainty of the waterdepth at the 
structure 
1 
- 
10 
0.13 
The waterlevel at sea in a design condition often includes extreme conditions of 
wind setup resulting in storm surge, high water level or low water level. Real 
tides usually fluctuate over a long time duration and the tidal wave length is 
long compared to the tidal elevation, so for simplicity the tidal elevation is 
assumed to follow a cosine distribution function (6.11), from Takayama (1992). 
Foreshore slope tan B 
m 
o H b l h ~  
where C varies between f c, in m is the amplitude of the variation of the tidal 
level. 
1 
50 
0.06 
1 
3 
0.05 
The probability density equation (6.11) explicitly shows the occurrence probab- 
ility is large at the low and high tidal level. 
The storm surge 7, should be considered when the structure is in shallow water, 
due to possible change in breaker wave heights and buoyancy of the structure. 
1 
- 
30 
0.08 
The total water depth cf. Figure 2.4 in front the structure is ht,t = h, + q ,  +C, 
where h, is the mean sea water level at the foot of the structure, without influence 
from the storm surge or tidal level. 
1 
- 
20 
0.10 
6.1.7 Modelling the weight of vertical breakwaters 
The average mass density of a conventional vertical breakwater including sand 
ballast, reinforced walls and concrete cap is assumed to be normal distributed 
with mean value in the range p, = 2.15 - 2.3 t /m3 and a coefficient of variation 
of 5%. 
6.1.8 Modelling the uncertainty of soil properties 
Variability of soil properties such as the the effective friction angle, undrained 
shear strength of the clay, cohesion, and angle of dilation are relevant parameters 
in determining the bearing capacity of the foundation. The stress history of the 
soil is seldom known and samples extracted from sites may not be homogeneous 
and isotrop. This is the reason that authors Nadirn et al. (1994) and Cherubini 
(1992) have encountered variability in the soil parameters such as the effective 
friction angle, undrained shear strength of the clay and cohesion. 
Three major sources of uncertainty can be found in soil. 
The natura1 heterogeneity or in-situ variability of the soil 
Natural soils have variation in the mineral composition and stress history 
Fluctuation in moisture content and density 
It is generally accepted that the spatial variability of the effective fnct ion angle 
of a well known sample is small, but authors such as Nadim et al. (1994) and 
Cherubini (1992) have encountered variation coefficients in the range 3% to 15%. 
The high degree of variability observed by authors may be due to non linear in- 
crease of the effective friction angle, which is illustrated in Figure 6.2, as authors 
Nadim et al. (1994) and Cherubini (1992) have fitted a straight line to the failure 
envelope. 
A m compressive 
'level Actual failure envelope 
t 
<T (normal stresses) 
Figure 6.2: Illustration of the  effective f i k t i o n  angIe i n  a shear stress and normal 
stress diagram. 
At low compressive levels the influence of the angle of dilation of the material 
increases the real failure envelope and at high compressive level the angle of 
dilation has little or no effect, where the critical friction angle cp,,it is close to 
the local effective friction angle cp i.e. the failure envelope falls in line with a 
tangent corresponding to cpc,it at a high compressive level: 
The fnctaon coeficient between the base plate and rubble is assumed normal 
distributed with a mean value tanp = 0.636 and a coefficient of variation of 15 
%, Takayama (1992). 
Even homogeneous soil layers exhibit change in strength from point to point. 
The undrained shear strength of clay is an example where spatial variability 
exist, which can be modelled by a log-Gaussian stochastic field {c,(x, z))where 
x is the horizontai coordinate and z the vertical coordinate. The mean value 
function and covariance function are in this thesis assumed to be: 
where c, is in kPa and x, z are taken in meters, (origo (x, z) = (0, O) is at the 
point where the rupture slip line enters the clay subsoil), p,, is the expected value 
of the undrained shear strength, u," is the standard deviation of the undrained 
shear strength and a is a constant signifying the linear increase of the undrained 
shear strength of the clay subsoil. The correlation lengths 3.0 and 30 are taken 
as typical values for clay, taken from Keaveny et al. (1989). 
The uncertainty of the derived bearing capacity of the foundation, based on the 
upper bound theorem is assumed to be normal distributed with a coefficient of 
variation equal to 10 %. This has been accepted as a remonable assumption 
based on the work by Sorensen et al. (1993). 
6.2 System of vertical breakwater failure modes 
It is clear from Figure 1.4 that failure of a vertical breakwater can be modelled 
as a system of components. As interaction between components may impose 
failure on other components and result in failure of the vefical breakwater. A 
fault tree is often used to clarify the modes of faiiure of a structure. 
A fault tree describes the relationship between the failures of a system. This is il- 
lustrated in Figure 6.3 for vertical breakwaters. The excessive wave transmission 
can cause damage to the harbour side thus disrupting harbour activity. 
Each number encircled in the right corner of each failure mode identified cf. 
Figure 6.3 can be subdivided into a number of principle failure modes which can 
be modelled in a system, i.e. rupture failure of the rubble mound, sand subsoil, 
clay subsoil and overturning. Sliding and rupture failure is often denoted as the 
most significant failure modes for conventional vertical breakwaters. An exarnple 
of 4 from the simplified flow diagram is shown in Figure 6.4. As a simplification 
settlement and scouring is not included. 
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8) Rubble mound and sand subsoil 
7 and sand subsoii (rotation) 7. the caisson heel r 
b) Rubble mound and clay subsoil 
Figure 6.4: Series s y s t em  of  failure modes for  m p t u r e  faalure of the sand and clag 
subsoil. 
The numbers denoted in the right hand corner of each flow box refers to the 
rupture failure modes cf. Figure 2.8 a and b. In design of vertical breakwaters, 
the main concern is sliding, rupture failure of the rubble mound, subsoil, over- 
turning and bearing pressure. These sets of failure modes implies a series system 
of failure modes to be evaiuated. 
6.3 Limit state equations for vertical breakwa- 
ters 
Failure modes of importance are sliding, rupture failure of the rubble mound, 
sand or clay subsoil and overturning. Overturning is often only relevant in the 
case of a vertical breakwater on a thin bedding layer and rock underlayer. The 
following rupture equations for the rubble mound and subsoil are derived and 
explained in depth in Appendix A. Only a simplified expression will be presen- 
ted in the following to illustrate the limit state equations for design of vertical 
breakwaters. 
The stochastic variables are explained in depth in section 6.1 and should be 
implemented in the limit state equations prior to a reliability evaluation. 
In the following FH is the horizontal wave force, F; is the horizontal load (de- 
rived from wave pressure and pore pressure along the rupture boundary in the 
rubble mound), FG - FU is the weight of the caisson considering buoyancy and 
wave induced uplift, pd, is the modified friction angle of the rubble mound ma- 
terial, pd, is the modified friction angle of the sand subsoil, w i ~  is the horizontal 
displacement vector for zones i = 1...5 in the kinematical admissible rupture 
mechanism, wiv is the vertical displacement vector for zones i = 1...5 in the kin- 
ematical admissible rupture mechanism, (y, - -(,) is the reduced specific weight 
of the rubble and B, is the rupture width in the caisson or rubble mound. 
The undrained shear strength of the clay subsoil is modelled as a log-Gaussian 
stochastic field {c,(x,z)) (cases 8, 9 and lo), see e.g. Keaveny et al. (1989) 
and Andersen et al. (1992). If only uncertainty related to c, is considered 
and the correlation lengths for {c,(x, z)) are smal1 compared to the integration 
intervals it follows from the central limit theorem that the total internal work can 
be approximated by a normal distributed stochastic variable WI with a mean 
value pwI and standard deviation uw,, where Wr is the sum of internal energy 
dissipation in the clay subsoil. 
6.3.1 Overturning 
Stability against overturning exist when the horizontal moment MH is equal to 
or less than the resultant vertical moment about the heel: 
where MG is the moment around the heel induced by the weight of the caisson, 
reduced for buoyancy and Mu is the moment around the heel and calculated 
from the uplift forces. 
6.3.2 Sliding failure 
Case 1 
Sliding between the caisson base and rubble is described by the following limit 
state equation: 
Gi, = (FG - Fu) tan p - FH 
Rupture along the top of rubble mound is described by the following limit state 
equation: 
Gi, = (FG - Fu)  tan val - FH 
6.3.3 Rupture failure in the rubble mound 
Case 2 
Rupture takes place in the rubble mound, and is described by the following limit 
state equation: 
where FGl is the weight of the rupture zone in the rubble mound. 
6.3.4 Rupture failure in the rubble mound and rupture 
between the rubble mound and clay or sand subsoil 
Case 3 
Rupture takes place in the rubble mound and along the base of the rubble mound. 
This failure mechanism is described by the following limit state equation for clay 
subsoil: 
G3. = cu(B, + a  + b - ~ I I  
tan (Pdl 
- F ;  
where a is the width of the berm on the rear side and b is the width of the rubble 
slope mound on the rear side. 
Rupture takes place in the rubble mound and along the base of the rubble mound. 
This failure mechanism is described by the following limit state equation for sand 
subsoil: 
where FGl the weight of the rupture zone in the rubble mound. 
6.3.5 Rupture in the rubble mound 
Case 4 
Rupture takes place in the rubble mound, and is described by the following limit 
state equation: 
where Wl ,Wz,W3 is the self weight of the rupture zones 1 ,2  and 3 multiplied by 
the the corresponding displacement vector. 
6.3.6 Rupture in the rubble mound and sand subsoil 
Case 5 
Rupture takes place in the rubble mound and in the sand subsoil. This failure 
mechanism is described by the following limit state equation: 
where W1,Wz,W3, 4 is the self weight of the rupture zones 1,2,3 and 4 multi- 
plied by the the corresponding displacement vector. 
6.3.7 Rupture in the rubble mound and sand subsoil 
Case 6 
Rupture takes place in the rubble mound and in the sand subsoil. This failure 
mechanism is described by the following limit state equation: 
where Wi ,Wz,W3, 4, W5 is the self weight of rupture zones 1,2 ,3 ,4  and 5 mul- 
tiplied by the the corresponding displacement vector. 
6.3.8 Rupture in the rubble mound and sand subsoil-rotation 
mechanism 
Case 7 
Rupture takes place in the rubble mound and in the sand subsoil. This failure 
mechanism is described by the following limit state equation: 
where the external work WE is the moment of the wave induced loads including 
horizontal pore pressure in the rubble mound and weight of the structure relative 
to the point of rotation, Wl,Wz,W3, W4 is the self weight of rupture zones 1,2 ,4  
and 4 multiplied by the the corresponding rotational displacement vector. 
6.3.9 Rupture in the rubble mound and clay subsoil 
Case 8 Rupture takes place in the rubble mound and in the clay subsoil. This 
failure mechanism is described by the following limit state equation: 
where uw is a realization of a normal distributed stochastic variable Uw with a 
mean value O and a unit standard deviation, WE is the external work from the 
wave induced loads including horizontal pore pressure in the rubble mound and 
weight of the structure and WI is the sum of internal work along the rupture 
boundary and self weight of each rupture zone. 
Further, as an exemplification of the rupture elements in equation (6.24), the 
mean value of W4 is 
where E[cu(a, Ol l)] is the expected value of the undrained shear strength of the 
clay c, at positions described by a and Ol  l .  Both positions a and 01 1 can be 
described according to c, at positions x (horizontal coordinate) and z (vertical 
coordinate). The variance of W4 is given by: 
where Cm[cu(a l ,  Ol l), cu(az, 01 2)] is the covariance function of c, at the posi- 
tions corresponding to (a l ,  Ol l )  and (a2,Ol 2) .  
6.3.10 Rupture in the rubble mound and clay subsoil - 
rotation mechanism 
Case 9 
Rupture takes place in the rubble mound and in the clay subsoil. This failure 
mechanism is described by the following limit state equation: 
where uw is a realization of a normal distributed stochastic variable Uw with a 
mean value O and unit standard deviation, the external work WE is the moment 
of the wave induced loads including horizontal pore pressure in the rubble mound 
and weight of the structure relative to the point of rotation, W1,2 is the self 
weight of rupture zones 1 and 2 multiplied by the the corresponding rotational 
displacement vector. 
Further, as exemplification of the elements in eq. (6.27), the mean value of W3 
is given by: 
where E[c,(a, B)] is the expected value of the undrained shear strength of the clay 
c, at positions described by a and B. Both positions a and B can be described 
according to c, at positions x (horizontal coordinate) and z (vertical coordinate). 
The variance of W3 is given by: 
where Cov[c,(a, O), c,(al, O l ) ]  is the covariance function of c, at the positions 
corresponding to (a, 6') and (a l ,  81). 
6.3.11 Rupture in the rubble mound and clay subsoil - 
rotation mechanism 
Case 10 
Rupture takes place in the rubble mound and in the clay subsoil. This failure 
mechanism is described by the following limit state equation: 
where uw is a realization of a normal distributed stochmtic variable Uw with 
a mean value O and a unit standard deviation, M, is the moment of the wave 
induced loads including horizontal pore pressure in the rubble mound, weight of 
the structure and weight of the rubble in zone 1 relative to the point of rotation. 
As an example the mean value W5 is shown below: 
where E[c,(a,l)] is the expected value of c, at the position described by (a, l )  
and the variance of W5 is given by: 
where Cov[c,(al, l i ) ,  %(az,  l z ) ]  is the covariance function of c, at the positions 
corresponding to (a l ,  11) and (az, 12) .  
6.4 Vertical breakwater case studies 
In this section the deterministic and probabilistic modelling of existing vertical 
breakwaters wiil be studied. The case studies are taken from PIANC PTC 
working group report 28 (1996). The case studies are implemented to illustrate 
reliability evaiuation of existing vertical breakwaters. 
6.4.1 East breakwater at Mutsu-Ogawara v- section 
Deterministic safety analysis of the design cross section and the  partly 
completed Mutsu-Ogawara v-section 
Mutsu-Ogawara Port is situated at the North Eastern part of Japan. The v- 
section conventional vertical breakwater is part of a protective barrier outside 
the main port entrance. Sliding of 0.5 - 1 m occurred to the almost completed 
v-section on February 16 th - 17 th 1991. The concrete cap on top of the caisson 
was not yet cast leaving the crest 1.25 m below design crest level. The v-section 
is part of the North wing wave barrier and the cross section is shown in Figure 
6.5. The significant wave height in deep water during the storm exceeded the 
actual design wave height, H,, = 9.94 m (storm of February 16 th - 17 th 
1991 ), significant wave period T, = 13.4 s and corresponding wave direction 
91 = 0.122 rad. 
24.0 m f concrete cap 
Figure 6.5: Original cross section of v-section breakwater, Mutsu-Ogawara Port. 
For the deterministic design the foliowing data are used: The effective friction 
angle of the rubble mound and subsoil are pi = 0.61 rad, p; = 0.52 rad respect- 
ively. The average mass density in air of the caisson including concrete cap is 
p, = 2.2 t / m 3 ,  sea bottom slope on the seaward side is 1/50 - 1/60,  and the 
mass density of the seawater is taken as p,,, = 1.03 t / m 3  . 
The significant wave height in deep water is H,, = 8.0 m ,  the significant wave 
period is T, = 13 s, and the wave direction is head onto the structure, i.e. 
01 = O rad. The breaker heights in the surf zone are calculated by using the 
simplified formula for shoaling and wave breaking Goda (1975, 1985), and the 
wave induced loads are determined from Goda et al. (1972) and Takahashi (1994) 
for impulsive wave loads. The design water level is 1.23 m above L.W.L. (low 
water level). The design wave height = 13.2 m .  In the deterministic 
design the following failure modes are considered: sliding, overturning, bearing 
pressure at the heel, and rupture in the rubble mound and subsoil are considered. 
The stability factors and heel pressure for the completed and partly completed 
cross section is shown in Table 6.4 
Table 6.4: Stability factors and heel pressure of Mutsu-Ogawara v-section 
Failure modes 
Sliding 
Overturning 
Sliding on rubble cpd, 
Rupture failure subsoil 5 
Rupture failure subsoil 6 
Bearing pressure 
Sliding, overturning and sliding on rubble are denoted as safety factors, according 
to national codes. Rupture in the rubble mound and subsoil are denoted as limit 
states, such that the g(B, h r ~ )  > O ,  where B is the width of the caisson, and h11 
is the height of the rubble mound. This means that when the value shown in 
the table is greater than l, then the design is on the safe side. 
Rupture in the rubble mound and subsoil is expected from foundation failure 
mode 5 and 6 .  Rupture failure rnodes 1,2,4,7 are on the safe side, see Appendix 
A for the foundation failure modes. The Japanese design guide lines use a 
safety factor of 1.2 for sliding and overturning and bearing pressure in the range 
400 K N / m 2  - 600 KN/m2 .  It is clear from the deterministic evaluation that 
Completed 
Design 
cross section 
1.40 
2.70 
1.58 
< 1 
< 1 
498 KN/m-72 
sliding will not occur independently for the completed design cross section or the 
partly completed cross section. The sliding failure observed by Hatachi (1994) 
may have been caused by rupture of the sand subsoil. 
Partly 
completed 
cross section 
1.17 
2.35 
1.33 
< 1 
< 1 
K N / m 2  
Reliability evaluation of t he  completed and partly completed Mutsu- 
Ogawara v-section 
Characterization of the stochastic parameters have to be established prior to 
a reliability evaluation. The stochastic parameters used in this reliability evai- 
uation are shown in Table 6.5. The deep water significant wave heights are 
calculated from the significant wave heights (breaker height considered) corres- 
ponding to the 10 and 50 years return period from Hitachi (1994): H:: = 6.55 m 
and H 2  = 8.0 m. 
The significant wave heights in deep water are assumed to follow a Weibull 
distribution, see section 6.1.3 for further details of the Weibull distribution.The 
parameter values X = 1, k = 0.9, A = 0.71 and B = 4.75 are found to fit 
the two given wave heights. It is assumed that the number of data per year is 
N = 30. The standard deviation of A and k can be estimated from Table 6.2. 
The observed significant wave height in deep water which caused the damage 
to the partly completed v-section is H,, = 9.94 m and will be regarded as a 
deterministic parameter in the reliability evaluation. The uncertainty of the soil 
parameters, angle of dilation, effective friction angle of the rubble mound and 
subsoil is assumed to have a coefficient of variation equai to 10%. 
Results from the reliability evaluation are presented in Table 6.6 in terms of the 
reliability index B and the probability of failure Pf within an expected lifetime 
of 50 years. 
The reliability levels are seen to be rather low compared with conventional civil 
engineering structures. But compared with observed failure rates for breakwaters 
the reliability levels are realistic. Also shown in Table 6.6 are sensitivities of 
with respect to changes in C (tidal elevation) and B (width of the caisson). The 
deep water wave height for the completed and partly completed cross section 
is reduced by the breaker heights in the surf zone. This is the reason why the 
difference in probability of failure is smal1 between the same failure mechanism. 
It is clear from the reliability analysis of Mutsu-Ogawara v-section that the 
rupture failure in the rubble mound and sand subsoil (failure modes 5 and 6) 
are dominant. In this case the sand subsoil is weak and the rubble mound is 
low (h11 = 3m), and this results in the rupture failure mechanisms in the sand 
subsoil are dominant. However, sliding was observed in the prototype. This 
indicates that rupture failure in the subsoil will probably cause sliding. 
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Sable 6.7: Failure probabilities and relative influence of the stochastic paramet- 
ers for rupture failure in the rubble mound done, and rubble mound 
and sand subsoil(fai1ure modes 4, 5 and 6 designed v-section) 
Completed 
cross section 
reliability index 
failure probabilit~ Pf 
ak ao 
ff k 
a; 
4 2 
PC 
OUFH 
c l 2  UF" 2 
UMH 2 
a ~ ~ ,  
ff;; 2 
ad 
4; 2 
%k 2 
=z,,, 
2 
a ~ ~ / h s  
C 
The a2-sensitivity vaiues related to the horizontai induced wave load, reduced 
friction angle of the rubble mound and subsoil are dominating, cf. Table 6.7 
where examples of rupture in the rubble done, and rubble and subsoil are presen- 
ted for the designed v-section. The deep water wave height is reduced due to 
breaking in the surf zone, therefore the sensitivity of the design wave height is 
low even when considering the uncertainty of the wave breaking equation. 
failure mode 4 
rubble mound 
1.342 
0.090 
0.022 
0.006 
0.014 
0.028 
0.016 
0.446 
0.037 
0.036 
0.021 
0.002 
0.336 
0.001 
0.033 
1.00 
failure mode 5 
rubble & subsoil 
0.662 
0.254 
0.008 
0.002 
0.005 
0.038 
0.014 
0.538 
0.042 
0.045 
0.026 
0.000 
0.038 
0.001 
0.203 
0.001 
0.039 
1 .o0 
failure mode 6 
rubble & subsoil 
0.638 
0.262 
0.008 
0.002 
0.005 
0.037 
0.013 
0.542 
0.041 
0.044 
0.025 
0.000 
0.037 
0.001 
0.203 
0.001 
0.040 
1.00 
J 
6.4.2 West Breakwater at Niigata East Port (I2 - section) 
Deterministic safety analysis of the  design cross section and the  partly 
completed Niigata East Por t  (I2 - section) 
Niigata port is situated in central Japan facing the sea of Japan where the 
West Breakwater is the main breakwater protecting the outer harbour. Damage 
occurred at the head of the West Breakwater during construction in 1976, where 
the design wave height was exceeded by an extreme wave causing extensive sliding 
of a large number of composite breakwater sections. Three main composite cross 
sections were identified, from the severe storm, (12, J1, and 52) which have simiiar 
cross sections, therefore only the I2 cross section will be investigated in detail 
and reference is given to PIANC PTC working group report 28 (1996), for the 
rest of the cross sections. The 12 cross section is presented below in Figure 6.6 
10.43 m 
sand fiii 
Figure 6.6: Original cross section of vest  breakwater, Niigata East Port (I2). 
For the deterministic design the following data are used: The effective friction 
angle of the rubble mound is assumed to be cpi = 0.61 rad and the sand subsoil 
to be p$ = 0.52 rad, the average density of the caisson including concrete cap 
is p, = 2.175 t / m 3 ,  sea bottom slope on the seaward side is 1/50, density of the 
sea is taken as p,,, = 1.03 t/m3. The significant wave height for the I2 - section 
is H, = 7.0 m, significant wave period is T, = 13 s and incident waves are at an 
angle of OI = 0.38 rad. Design water level is taken as 0.70 m above L.W.L. 
The damaging waves in 1976 that hit the structure were measured to be H,, = 
7.68 m after considering refraction, the peak period was 13.55 seconds, tidal 
elevation was C = 0.7 m , and the waves were head on, i.e. 01 = 0. 
The breaker heights in the surf zone are calculated by using the simplified formula 
for shoaling and wave breaking Goda (1975, 1985), and the wave induced loads 
are determined from Goda et al. (1972) and Takahashi (1994) for impulsive wave 
loads. 
In the deterministic design sliding, overturning, bearing pressure at the heel, 
and rupture failure rubble mound and sand subsoil is considered. The results 
are presented in Figure 6.8. 
Table 6.8: Stability factors and heel pressure of West Breakwater Niigata East 
Port, I2 - section 
It is clear that sliding is the most probable cause of failure when the storm 
damaged the structure in 1976. This was also observed after the storm. It 
should be noted that the heel pressure has been exceeded for both design and 
damaging wave conditions as the maximum allowabie pressure is 600 KN/m2. It 
is also interesting to note that all rupture failures cause instability except sliding 
on rubble, and rupture failure in the subsoil, failure modes 3 and 7. 
Reliability evaluation of West Breakwater Niigata East Port (12) 
Characterization of the stochastic parameters have to be established prior to a 
reliability evaluation. The stochastic parameters used in this reliability evalu- 
ation are shown in Table 6.9. It is assumed that the significant wave height in 
deep water is modelled by a a Weibull distribution. The deep water significant 
wave height is calculated from the significant wave height for design (breaker 
height considered including shoaling). The significant wave height in deep wa- 
ter HQO = 7.5 m is modelled by a Weibull distribution, and assumed to have 
parameter values X = 1, k = 1.5, A = 2.0 and B = 2.54, see section 6.1.3. It is 
assumed that the number of data per year is N = 30, to calculate the standard 
deviations of A and k. The observed significant wave height in deep water which 
caused the damage to the partly completed structure is H,, = 7.68 m, and will 
be regarded as a deterministic value in the reliability evaluation. 
The uncertainty of the soil parameters, angle of dilation, effective friction angle of 
the rubble mound, and sand subsoil are assumed to have a coefficient of variation 
equal to 10%. 
Results from the reliability evaluation are presented in Table 6.10 in terms of the 
reliability index ,B and the probability of failure Pf within an expected lifetime 
of 50 years. 
The reliability levels are seen to be rather low compared with conventional civil 
engineering structures. But compared with observed failure rates for breakwaters 
the reliability levels are realistic. Also shown in Table 6.10 are sensitivities of B 
with respect to changes in C (tidal elevation) and B (width of the caisson). The 
deep water wave height for the completed and partly completed cross section 
is reduced by the breaker heights in the surf zone. This is the reason why the 
difference in probability of failure is smal1 between the same failure mechanisms. 
It is clear from the reliability analysis of I2 section that the rupture failure in 
the rubble mound and subsoil (failure modes 5 and 6) are dominant. However, 
sliding was observed in prototype. This indicates that rupture failure in the 
subsoil will probably cause sliding. 
The cr2-sensitivity values related to the horizontal wave induced load, and friction 
coefficient, Takayama (1992) are dominant in the case of sliding, cf. Table 6.11. 
For the failure in the rubble mound done (failure mode 4) the sensitivity values 
of the design wave height, horizontal wave induced load and the effective friction 
angle of the rubble mound are more pronounced. In the case of failure mode 6 
the sensitivity parameters for the wave height and wave induced horizontal load 
are dominant. It should be noted that the design wave height in deep water has 
little influence on the reliability of the breakwater for sliding and failure mode 
4, due to wave breaking in the surf zone, except for failure in the sand subsoil 
(failure mode 6), where the wave height parameters have a large influence on 
the calculated reliability index. 

Table 6.10: Probability of failure for the West Breakwater Niigata East Port 
-section I(2), design wave conditions and for damaging wave condi- 
tions during the storm of 1976 
Table 6.11: Failure probabilities and relative influence of the stochastic para- 
meters for sliding, rupture failure in the rubble mound, and rubble 
mound and sand subsoil (failure modes sliding, 4 and 6 for designed 
wave conditions) 
6.4.3 Second West Breakwater at Niigata West Port 
Designed 
cross section 
reliability index p 
failure probability Pf 
a$O f f k  
f f  A 
4 2 
PC 2. (Y 
UF" 2 
"U% 
f f 2  
U M ,  
f f 2  
U.+f" 
?b; 2  
a;; 
Deterministic safety analysis of t he  design cross section and the  partly 
completed Second West Breakwater at Niigata West Port  
Sliding 
1.855 
0.032 
0.047 
0.012 
0.012 
0.015 
0.101 
0.005 
0.390 
0.031 
failure mode 4 
rubble mound 
1.631 
0.051 
0.136 
0.032 
0.038 
0.001 
0.018 
0.014 
0.360 
0.046 
0.030 
0.024 
0.001 
0.290 
0.000 
0.008 
1.00 
Niigata West Port is situated in central Japan facing the sea of Japan. The con- 
struction of the Second West Breakwater was initiated in 1973 and partly com- 
pleted in 1976 when high waves damaged numerous number of caissons. After 
the storm in 1976, settlement, sliding and scouring which caused seaward tilting 
was observed. The weak subsoil was the main reason for settlement reducing the 
dry weight of the caisson causing an increase possibility of sliding. 
failure mode 6 
rubble & subsoil 
0.875 
0.194 
0.276 
0.070 
0.073 
0.004 
0.009 
0.028 
0.354 
0.029 
0.023 
0.018 
0.001 
0.030 
0.001 
0.086 
0.000 
0.000 
1.00 
2  
9; 2  
" z ~ . ~  
.f 2 
a~~ /hb 
C 
0.349 
0.034 
1.00 
The concrete cap on top of the caisson was not yet cast leaving the crest 1.00 
m below design crest level at the time of darnage. The significant wave height 
in deep water during the storm exceeded design wave height, H,, = 7.685 m , 
significant wave period T, = 13.60 s and corresponding wave direction BI = O rad 
i.e head on waves. The main geometrical parameters for the standard B - type 
is shown in figure6.7 
Figure 6.7: Original cross section of Second West Breakwater (B-type cross sec- 
tion), Niigata West Port. 
For the deterministic design the following data are used: The effective friction 
angle of the rubble mound and subsoil are assumed to be ip; = 0.61 rad, 9; = 
0.52 rad respectively. The average mass density in air of the caisson including 
concrete cap is p, = 2.23 t / m 3 ,  sea bottom slope on the seaward side is 1/100, 
and the mass density of the seawater is taken as p,,, = 1.03 t/m3. The significant 
wave height in deep water is H,, = 7.63 m, the significant wave period is T, = 
13.05 s,  and the incident wave direction is BI = 0.54 rad and BI = O rad. The 
breaker heights in the surf zone are calculated by using the simplified formula for 
shoaling and wave breaking Goda (1975, 1985), and the wave induced loads are 
determined from Goda et al. (1972) and Takahashi (1994) for impulsive wave 
loads. The design water level is 0.80 m above M.W.L. The design wave height 
Hdesign = 12.59 m. 
In the deterministic design the foiiowing failure modes are considered: sliding, 
overturning, bearing pressure at the heel, and rupture in the rubble mound and 
subsoil. The stability factors and heel pressure for the completed and partly 
completed cross section is shown in Table 6.4.3 
The stability of the B-type cross section at the two different water levels are 
unstable as sliding is expected, bearing pressure at the heel exceeds the upper 
limit of 600 K M / m 3  and rupture failure is expected in the rubble mound and 
subsoil. The following vertical breakwater is not expected to withhold the design 
wave load or the damaging wave load. 
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Reliability evaluation of the  completed and partly completed Second 
West Breakwater - B type section 
Characterization of the stochastic parameters have to be established prior to a 
reliability evaluation. The stochastic parameters used in this reliability evalu- 
ation are shown in Table 6.12. It is assumed that the significant wave height in 
deep water is modelled by a a Weibull distribution. The deep water significant 
wave height is calculated from the significant wave height for design (breaker 
height considered including shoaling). The significant wave height in deep water 
is modelled by a Weibull distribution and is assumed to have parameter values 
X = 1, k = 1.5, A = 2.0 and B = 2.665 (based on the design wave height with a 
50 year return period). It is assumed that the number of data per year is N = 30, 
to calculate the standard deviation of A and k. The observed significant wave 
height in deep water which caused the damage to the partly completed structure 
is H,, = 7.685 m, and the tidal elevation c = 0.7 m is assumed to follow a cosine 
distribution Takayama (1992). The incident wave angle is taken as O1 = O (rad) 
(head on waves). The uncertainty of the soil parameters, angle of dilation, ef- 
fective friction angle of the rubble mound and sand subsoil are assumed to have 
a coefficient of variation equal to 10%. 
Results from the reliability evaluation are presented in Table 6.13 in terms of 
reliability index B and the probability of failure Pf within a 50 year return period. 
Also the sensitivity of P with respect to changes in B (width of the caisson) are 
shown in Sable 6.13. 
Table 6.13: Probability of failure for the Second West Breakwater, Niigata West 
Port B-type section, design wave conditions, and damaging wave 
conditions during the storm of 1976 
The reliability indices are very low, so therefore the B -type breakwater is ex- 
pected to fail under the design wave loads and the damaging wave loads. 
It is clear from the reliability andysis of the B type section that the rupture fail- 
ure in the rubble mound and sand subsoil (failure modes Sand 6) are dominant. 
However, sliding was observed in prototype. This indicates that rupture failure 
in the subsoil will probably cause sliding. 
The a2-sensitivity values related to the horizontd wave induced load and friction 
coefficient Takayama (1992) are dominant in the case of sliding, cf. Table 6.14. 
For the failure in the rubble mound done (failure mode 4) and rupture failure 
of the rubble mound and sand subsoil, failure mode 6 the sensitivity parameter 
related to the wave induced horizontal load is very dominant. 
Table 6.14: Failure probabilities and relative influence of the stochastic paramet- 
ers for sliding and rupture failure in the rubble mound, and rubble 
mound and sand subsoil (failure modes 4 and 6)'for the designed B 
type section, and design wave conditions) 
Designed 
cross section 
reliability index p 
failure probability Pf 
ffL I" 
ff k 
ff A 
4 2 2, 
f f ~ ~ ,  
ff2  UFH 2 
 UF^ 
2 
"UM, 
2 
"U$ 
ff*; 2 
"2: ff*; 2 
"i.; 2 
ffz""* f 2 
f f ~ ~ l h b  
C 
Sliding 
1.074 
0.141 
0.000 
0.000 
0.000 
0.040 
0.068 
0.000 
0.656 
0.018 
0.218 
0.034 
1.00 
failure mode 4 
rubble mound 
-0.424 
0.664 
0.000 
0.000 
0.000 
0.000 
0.010 
0.000 
0.758 
0.018 
0.085 
0.009 
0.001 
0.120 
0.008 
1.00 
failure mode 6 
rubble & subsoil 
-0.080 
0.752 
0.000 
0.000 
0.000 
0.000 
0.000 
0.000 
0.863 
0.010 
0.054 
0.006 
0.000 
0.033 
0.000 
0.031 
0.000 
1.00 
6.5 Reliability evaluation of a vertical breakwa- 
ter on a low and high rubble mound 
Vertical breakwaters are usually constructed in shallow and deep water and this 
often results in vertical breakwaters placed on a low and high rubble mound. An 
example will be presented in the following where a vertical breakwater is placed 
on a low and high rubble mound, using the same wave loading, geotechnical 
pararneters and density of the caisson including a concrete cap. Thereafter the 
probability of failure as a function of the caisson width B will be presented to 
evaluate the sensitivity of sliding and rupture failure of the rubble mound and 
sand subsoil. 
The exarnple of a caisson on a low rubble mound and high rubble mound is 
shown in Figure 6.8 a,b. 
a ) Vertical breakwater on a low ~ b b l e  mound 
b ) Vertical breakwater on a high rubble mound 
Figure 6.8: Example of a vertical breakwater on  a low and high rubble mound. 
Table 6.15: Characterization of the stochastic pararneters for a vertical break- 
water on a high and low rubble mound 
Characterization of t he  stochastic pararneters for t he  reliability evai- 
uation of a vertical breakwater on a low and high rubble mound 
Characterization of the stoqhastic parameters have to be established prior to a 
reliability evaluation. The stochastic parameters used in this reliability evalu- 
ation are shown in Table 6.15. The deep water significant wave height is mod- 
elied by a a Weibull distribution. The deepwater water significant wave height 
H:: = 6.5 m and X = 1, the exponent k = 2.0, A = 2.5 and B = 1.55 in the 
Weibull distribution. The number of data available for analysis is assumed to 
be N = 30. This is used to calculate the standard deviation of A and k. The 
uncertainty of the soil pararneters, angle of dilation, effective friction angle of 
the rubble mound and subsoil is assumed to have a variation coefficient of 10%. 
The rest of the deterministic parameters are given section 2.4 for this example. 
Results from the reliabilitv evaluation are uresented in Fiaure 6.9 
Figure6.9: Effect of the width B of the caisson on the probability of failure Pi 
within a return period of 50 years, considering a low and high mbble 
mound on a sand subsoil. 
Numbers in the graphs refer to type of foundation failure mechanisms. Rupture 
failure in the high rubble mound is more pronounced than in the sand subsoil. 
Here rupture failure mechanisms 2 and 4 in the rubble mound are dominant. In 
the case of the low rubble mound, rupture failure in the sand subsoil is dominant 
(rupture mechanism in the rubble mound and sand subsoil 5 and 6), but this 
is when the sand subsoil is comparatively weaker than the rubble mound. An 
increase in the caisson width indicates that the low rubble mound will be favored 
in design as this structure has a lower probability of failure during the expected 
lifetime of the structure. 
Relia bility based 
design of crown walls 
The following chapter is devoted to characterization o€ the stochastic pararneters 
for crown walls, limit state formulation of the bearing capacity including sliding, 
and an illustrative example is given. 
7.1 Characterization of the stochastic paramet- 
ers variables for the foundation stabiliticrown 
walls 
Typical parameters of importance are described in the following and should be 
used in the reliability evaluation of the crown wall geotechnical failure modes. 
The parameters should at least be defined by a mean value and a standard 
deviation (normal distributed) if the actual distribution is unknown. Some of 
the parameters have very smal1 variational coefficients and c m  be regarded as 
deterministic parameters. This holds for all the geometrical pararneters applied 
in the forthcoming reliability evaluation. 
7.1.1 Modelling uncertainty of the design equations (run 
up and wave loads based on run up) 
The uncertainty of the run up equation is given in section 3.1, and based on the 
work by van der Meer et a1.(1991). 
The uncertainty of the wave loading based on run up is given in section 3.1, and 
based on the work by Pedersen (1996). 
7.1.2 Modelling uncertainty of the design wave parameters 
Statistically variability of wave parameters i.e. significant wave height H, and 
peak wave period T, are the most significant parameters in breakwater design. 
For design purposes the 50 year return wave heights are used to design the 
breakwater. Modelling the wave height in deepwater is presented in subsection 
6.1.3. 
The extreme wave heights to be used in design of the crown walls is shown in 
Table 7.1. 
Table 7.1: Original wave data modelled by  a Weibu11 distribution 
BILBAO 
FALLORNICA 
H:: 
8.44 
5.36 
k 
1.39 
1.14 
A 
1.06 
0.58 
B 
4.90 
2.69 
x 
4.17 
5.94 
The significant wave height H, to be applied in the run-up formulae, equation 
(3.2), are in case of no surf zone in front of the structure taken as H,, (deep 
water value corresponding to the 0.1% exceedence value for Rayleigh distributed 
wave heights, i.e. the highest of 1000 waves). 
7.1.3 Modelling the uncertainty of the waterdepth at the 
structure 
The waterlevel at sea in a design condition often include tidal elevation , and 
extreme conditions of wind setup resulting in storm surge. Reference is given to 
subsection 6.1.6. 
7.1.4 Modelling the average mass density of rock, and crown 
wall 
The average mass density of the crown wall is assumed normal distributed with 
mean value p, = 2.3 t /m3 and a coefficient of variation of 5%, which is accepted 
by authors Burcharth (1992) and van der Meer (1993).. 
7.1.5 Modelling the uncertainty of soil properties 
Variability of soil properties such as the the effective friction angle, , and angle 
of dilation are relevant parameters in determining the bearing capacity of crown 
walls. Reference is given to subsection 6.1.8 
The uncertainty of the derived bearing capacity of the foundation, based on the 
upper bound theorem is assumed to be normal distributed with an coefficient 
of variation equal to 10 %. This has been accepted as a reasonable assumption 
based on the work by Sorensen et al. (1993). 
7.2 Limit state equations for crown wall found- 
at ion failure 
Failure modes of importance for crown walls is sliding and rupture failure of the 
rubble mound. The following rupture equations have been derived and explained 
in depth in section 3.1.3. Only a simplified expression will be presented in the 
following to illustrate the limit state equations for design of crown walls. 
The stochastic variables are explained in depth in section 7.1 and should be 
implemented prior to a reliability evaluation. 
In the following F: is the horizontal force (derived from induced pressure and 
pore pressure along the rupture boundary in the rubble mound), FG - FU is the 
weight of the caisson considering buoyancy and wave induced uplift, Frubble is 
the horizontal active rubble force from the seaward side of the crown wall, <pd is 
the modified friction angle of the rubble mound material, w i ~  is the horizontal 
displacement vector for zones i = 1...3 in the kinematical admissible rupture 
mechanism, wiv is the vertical displacement vector for zones i = 1...3 in the 
kinematical admissible rupture mechanism, Wi is the self weight of zones i = 1...4 
multiplied by the corresponding displacement vector, (y, - y,) is the reduced 
specific weight of the rubble, and B, is the rupture width in the caisson or rubble 
mound. 
Case (1) 
Sliding between the caisson base and rubble (plain crown wall) is described in 
the following limit state equation: 
sin p d  
Gci = -FH - Frubble + (FG - Fu) . -
cos P d  
where FH is the horizontal force from the wave forces. 
Case (2) 
Foundation failure in the rubble mound (plain crown wall) is described in the 
following limit state equation: 
where FG, is the reduced weight of the rupture zone considering buoyancv. 
Case (3) 
Foundation failure in the rubble mound (plain crown wall) is described in the 
following limit state equation: 
Sliding failure of the crown wall with an extended leg on the seaward side is 
described in the following limit state equation: 
-FH - F~ubble sin pd Gc4 = = (FG - Fr, + FGi) .(sine + -case) (7.4) 
 COS^ COS cpd 
where FG, is the weight of the zone reduced for buoyancy above the slip line 
from the inner most edge of the foot to the heel of the crown wall. 
Case (5) 
Rupture failure of the rubble mound, when the crown wall has an extended leg 
on the seaward side. The limit state equation is described in the following: 
where FG1,* is the weight of zone 1 and 2 reduced for buoyancy. 
Case (6) 
Rupture failure of the rubble mound, when the crown wall has an extended leg 
on the seaward side. The l i t  state equation is described in the following: 
7.3 Application of reliability in crown wall design 
A deterministic design is performed based on the three rupture failure modes 
identified in the plane crown. wail case, and the three rupture failure cases where 
an extended leg is attached to the seaward side of the crown wall, see section 3.2. 
Thereafter the reliability index is calculated to give a qualitative evaluation. 
7.3.1 Reliability analyses of the 12 crown wall designs 
Characterization of the stochastic parameters are shown in Table 7.3 and explan- 
ation of the stochastic parameters used in the reliability evaluation is described 
in section 7.1. Results from the reliability evaluation of the 12 crown wall designs 
based on 2 real sea wave data, 3 overtopping levels and 6 kinematicai rupture 
figures is given in the following Table 7.2. 
Table 7.2: Probability of failure within a return period of 50 years for the 12 
crown wall designs, 3 overtopping levels and 6 kinematical admissible 
rupture mechanisms 
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It  is seen that the probability of failure is very low for plane crown walls and 
the crown walls with an extended leg on the seaward side, cf. Table 7.2. This 
is due to the conservative design of the crown walls based on R,,o,l%. In some 
countries e.g. the Netherlands it is accepted to used R,,z%, which would have 
given a smaller crown wall width. The probability of failure of the plane crown 
wall is dominant for the rupture failure mode (2). In the case of a crown wall 
with an extended leg on the seaward side the probability of failure of rupture 
failure mode (5) is dominant. 
Relia bility based 
design of the 
armour and toe 
berm interaction 
In this chapter the reliability based design of the armour and toe berm interac- 
tion is presented. The stochastic parmeters are presented and the limit state 
equations are formulated. An illustrative exmple is shown to describe the reli- 
ability based interaction in a mutiple system of failure. 
8.1 Characterization of the stochastic paramet- 
ers for the armour layer and toe berm 
Typical parameters of importance are described in the following and should be 
used in the reliability evaluation of the armour layer and toe berm interaction. 
The parameters should at least be defined by a mean value and a standard 
deviation (normal distributed) if the actual distribution is unknown. Some of 
the parameters have very smal1 variational coefficients and can be regarded as 
deterministic parameters. This holds for all the geometrical parameters applied 
in the forthcoming reliability evaluation. 
8.1 .l Modelling uncertainty of the design equations 
The uncertainty of the derived toe bem stability equations are assumed normal 
distributed, and reference is given to section 4 for the variation of coefficient of 
the equations. 
The uncertaánty of the derived static stability of the amour layer equations are 
assumed normal distributed, and reference is given to section 4 for the variation 
of coefficients. 
8.1.2 Modelling uncertainty of the design wave parameters 
Statistically variability of wave parameters i.e. significant wave height H, and 
peak wave period T, are the most significant parameters in breakwater design. 
For design purposes the 50 year return wave heights are used to design the 
breakwater. Modelling the wave height in deepwater is presented in subsection 
6.1.3. 
8.1.3 Modelling the uncertainty of the waterdepth at the 
structure 
The waterlevel at sea in a design condition often include tidal elevation , and 
extreme conditions of wind setup resulting in storm surge. Reference is given to 
subsection 6.1.6. 
8.1.4 Modelling the nominal diameter of the armoured 
stones 
The mean nominal size of the  toe benn  and a m o u r  layer rock is assumed to 
follow a normal distribution with a coefficient of variation of 5%. 
8.1.5 Modelling the average mass density of rock 
The average mass  density of rock material for the toe berm and armour layer is 
assumed normal distributed with mean value p, = 2.6 t/m3 and a coefficient of 
variation of 3 - 576, which is accepted by authors, Burcharth (1992) and van der 
Meer (1993). 
8.1.6 Modelling the slope of the armour layer 
The slope of the armour layer is assumed normal distributed with & expected 
value cot a = 2 and a coefficient of variation of 5%, which is accepted by authors 
Burcharth (1992) and van der Meer (1993). 
8.2 Limit state equations for the main armour 
and toe berm interaction 
The design equations have been formulated for the main armour and toe berm 
interaction including the uncertainty of the equations, reference is given to sec- 
tion 4 for further investigation. Only a simplified expression will be presented 
in the following to illustrate the limit state equations derived from the design 
equations for the main armour and toe berm interaction. 
The following limit state equation for the toe berm is the same as Gerding's 
equation (4.1) before interaction takes place 
where Zt, is the uncertainty of the toe berm equation and is assumed to be 
normally distributed with an expected value equal to 0.96 and a variation of 0.1. 
The limit state equation for the main armour plunging waues is expressed as: 
where the equation (8.2) covers breaking and non breaking wave conditions, with 
the limits given by van der Meer (1988), the equation is the same as equation 
(4.4). The constant 6.2 in the equation is normally distributed with a coefficient 
of variation equal to 0.065. 
The stabilizing effect on the toe berm from the rock material in the armour layer 
can be derived from Figure 4.5 and is modelled by equation (8.3) 
where Z,' is the uncertainty of the modified toe berm equation which is assumed 
to follow a normal distribution with a coefficient of variation equal to 18%. 
The corresponding damage level of the armour at the intersection point is defined 
as S i  and modeiled according to the following equation: 
where the constant 8.44 is modelled as the uncertainty of the modified armour 
equation and assumed to follow a normal distribution with a coefficient of vari- 
ation equal to 30%. 
The stability of the toe is greatly reduced when the toe berm width is reduced, 
because the rest of the armour layer will fail, thus altering the static stability of 
the armour layer. 
The limit state equation for the main armour after partial damage from the toe 
berm is expressed in following equation : 
where the constant 6.6 is assumed to have a variation coefficient correspondig 
to 29%. 
The negative effect is expected to commence when N0d 2 D$ and is modelled 
by the following limit state equation: 
where Z&, is the uncertainty of the modified toe berm equation assumed to 
follow a normal distribution with a coefficient of variation equal to 26%. 
8.3 Reliability evaluation of armour layer and 
toe berm stability 
The limit state equations that have been formulated in section 8.2 consist of 
multiple possible failure modes. Therefore the probability of failure for the main 
armour and toe berm can be described in a series system consisting of the toe 
berm stability equation, Gerding (1993), static stability of the armour layer van 
der Meer (1988), parallel system of the modified toe berm stability equation con- 
sidering partial damage of the armour layer and a parallel system where partial 
failure of the toe berm causes instability of the armour layer. The probability of 
failure for the series system of failure modes including two parallel systems is: 
where Pf can be estimated by FORM. 
In the following section an example of a rubble mound breakwater is designed 
according to existing design equations prior to the reliability evaluation. This is 
to illustrate the reliability of the main armour and toe berm interaction. 
8.3.1 Deterministic design of a rubble mound breakwater 
- example 
The toe berm is designed accordiig to the Gerding eq. (1993), and the armour 
layer is designed according to van der Meer (1988) static stability equations for 
rock material. The figure below shows the important design parameters for a 
rubble mound breakwater. 
Figure 8.1: Definition of the  design parameters used in the  armour layer and toe 
berm stability equations. 
The design wave height is based on a assumed Weibull distribution with the 
following coefficients k = 2.00, A = 2.50,X = 1, and B = 0.18 . The significant 
wave height according to a 50 year return wave period is H Q f V  = 5.13 m. 
Damage design level for the toe is taken as Ned = 2 and for the armour layer 
S = 4. These damage levels are taken as acceptable design criteria and used in 
the reliability evaluation. The toe berm width is equal to bt = 4Dn5,. The main 
parameters satisfying the design criteria see Figure 8.1. 
hk =6.5 m, D;,, =0 .89m,  DE,, = 1.78m, A = l . 6 2  
,s, = 0.04, cot a = 2, N = 7500, P = 0.4, h, = lom 
8.3.2 Results of the reliability calculations 
A reliability analysis is performed on the example in section 8.3.1. The stochastic 
pararneters used in this talculation are presented in Table 8.2. The result of the 
reliability calculations are presented in Table 8.1 for the single failure modes 
including the ai2 sensitivity values. 
Table 8.1: Results from the reliability calculation. 
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The probability of failure 
to right in Table 8.1. For 
are described as follows: 
for each limit state is denoted as Pfl to Pf, from left 
the two parallel systems the upper and lower bounds 
The positive effect o n  the toe b e m  
The upper bound probability of failure for the parallel system can be described 
as follows: 
rhe lower bound probability of failure for the parallel system can be described 
as follows: 
The simple bounds for the parallel system (positive effect) is described as: 
0.32 5 Pf 5 0.47 positive effect (8.10) 
The negative effect o n  the toe b e m  
The upper bound probability of failure for the parallel system can be described 
as follows: 
4 
P? = min (Pf3, Pf4) = 0.50 
i=3 
The lower bound probability of failure for the parallel system can be described 
as follows: 
The simple bounds for the parallel system (negative effect) is described as: 
0.44 5 Pf 5 0.50 negative effect (8.13) 
It should be noted that the individual P points were used to calculated the simple 
bounds. This is an allowable approxirnation as long as the failure surface is not 
too non linear in the case of the two parallel systems. 
Simple bounds for the serie system of pardel  systems can be now be calculated 
from the lower and upper bounds of a series system. In the case of a lower bound 
solution where the components of the system are fully correlated the probability 
of failure of the system can be written as: 
pfLS = max Pfi = 0.57 
where Pfi corresponds to probability of failure for components i = 1,2 ,4 ,6 .  
The upper bound solution corresponds to no correlation, and can written as 
follows: 
There is a high degree of probabiity of failure for the current design presented 
which primarily is based on the uncertainty of the Weibull distribution and the 
uncertainty of the stability equations denoted as U:,,,,,, Zt,,, Z,',, and Z;,. 
Assuming there is no correlation between the failure modes the probability of 
failure for the system will be on the safe side, while ful1 correlation will give 
a probability of failure of the system on the unsafe side. An average of the 
two probability of failures will give a realistic value as the probability of failure 
is high. The probability of failure of the multiple system of failure modes is 
PS 0.75. To increase the accuracy of the simple upper and lower bounds the 
implementation of Ditlevsen (1979) narrow bounds can be determined based on 
the correlation matrix p and the reliability index. 
Optimal Relia bility 
based design of 
vertical brea kwaters 
The following chapter is devoted to optimal design of vertical breakwaters using 
the reliability approach. 
9.1 Optimal reliability based design model 
Realization of the design variables, describing the cost functions associated with 
initial cost design and the cost of failure during the expected design lifetime, to 
minimized the total costs. The preceeding chapters form a basis for performing 
optimal reliability based analysis. Application of optimal reliability analysis of 
a conventional vertical breakwater design wiil be studied to give a qualitative 
evaluation. 
The optimal reliability based design model can be subdivided as shown in Figure 
9.1 
Breakwata failure modes 
Limit stak formulation 
timal reliability based 
Figure 9.1: Design flow diagram for optimal reliability based design 
In Figure 9.1 a optimal reliability based design model consists of a reliability 
model and optimization model which are linked together. 
Breakwater failure modes and limit s ta te  formulation 
The response of vertical breakwaters induced by the wave loads are modelled in 
a system consisting of main breakwater failure modes. In this chapter optimal 
system reliability of vertical breakwaters will be restricted to rupture failure of 
the foundation. 
Reliability evaluation 
Reliability evaluation of breakwater design will be estimated in a FORM analysis 
by identification of the failure modes, characterization of the stochastic variables, 
definition of the failure level and estimation of relevant sensitivity measures. 
Reliability model 
The reliability model is obtained by linking the iimit state equations to the 
reliability formulation. The linking consist of calculating the safety index for a 
given set of design variables, i.e. geometrical parameters. 
Optimization model 
The optimization model consists of optimization variables, formulation of a ob- 
jective function (cost related function) and the requirements for the reliability 
indices in the constraints. 
Optimal reliability based design model 
The reliability model and optimization model are linked to form a optimal reli- 
ability based design model where the sensitivities of the objective function and 
constraints with respect to the optimization variables are estimated. 
Application of the mathematical optimal reliability model model is presented 
again to enhance the understanding: 
The design (decision) variables are denoted b = (bi, .  . . , b ~ ) ,  for i = 1..N, i.e. 
the number of design variables N .  
If the objective function is chosen as the total expected costs CT of the struc- 
ture during the lifetime, the optimal design can be found as the solution to the 
optimization problem 
min C T ( ~ )  = Cr(b) + C F P ~  (b) 
b 
where b: and b: are lower and upper bounds to bi, Bi is the deterministic con- 
straint associated with the design variables bi , Cr is the initial/construction 
costs, CF is the costs of failure, andPf is the probabiiity of failure during the 
expected lifetime of the breakwater. 
Alternatively an element reliability-index based optimization problem can be 
formulated 
min Cl(b) 
b 
s.t. / 3 i ( b ) > p T  ,i = l,. .. ,m 
where Bi is the reliability index for failure mode i and p y  is the corresponding 
lower bound on the reliability index. Equivalent solutions from (9.1)-(9.3) and 
(9.4)-(9.5) can be obtained by suitable choices of ,B,m"n i = l, ... m The above 
optimization problems are usually non-linear and non-convex. The optimization 
problems can be solved effectively using non-linear optimization algorithms and 
FORM. 
The reliability indices in (9.5) are determined on the basis of limit state func- 
tions written as gi(x(b), b) = O, i = l, ..., m. In a traditional deterministic 
design the design (optimization) problem the constraint (9.5) is exchanged by 
the deterministic constraint 
Bi@) = gi(xD(b,y),b) 2 O ,i = l,. . . ,m 
where xD are design values calculated using the statistical pararneters for the 
stochastic variables X and y are the partial safety factors. 
9.2 Vertical breakwaters 
Optimal design of a vertical breakwater for construction or rehabilitation is al- 
ways of interest to the design engineer, so that the monetary aspects (initial 
costs plus repair) of the structure are kept at  a minimum without compromising 
the project. Including a reliability formulation in an optimization problem will 
clearly i den te  the most sensitive design variables and give the desired probab- 
ility of failure for the given design lifetime of the structure. 
Optimal reliability based design can be evaluated from the extensive set of failure 
mechanism identified in Figure 1.4. The main failure modes sliding, rupture 
failure, overturning and bearing pressure wiil be applied as they are the most 
significant failure mechanisms. In principle the local faiiure mechanisms should 
be included as they may become critical in the design phase. 
The geometrical parameters can be the design variables which are denoted as 
b = (bi , .  . . , b N ) ,  for i = l . .N,  i.e. the number of design variables N see Figure 
9.2. 
blO= h o u r  blook size 
b8 = Rubble mound blod< size 
b1 
Figure 9.2: Definit ion of the  design variables for optimal reliability design. 
The combination of design variables (geornetrical variables ) will usually result in 
several sets of acceptable upper and lower bounds of the parameters. Restriction 
to the design variables cannot always be based on a cost benefit analyses i.e. a 
breakwater has to be aesthetic to the harbour authorities as well as the common 
public. 
9.2.1 Modelling expected costs function 
The cost function for a vertical breakwater is divided up into initial cost of the 
structure prior to operation, cost of failure during construction and when the 
breakwater is in use. Initial construction costs are usually k e d  in the form of 
a tender which a contractor is expected to stay within, for the project. Cost 
of failure is more diverse as costs in terms of damage to the breakwater change 
dramatically within the expected lifetime of the structure. The cost of failure 
can be subdivided into a number of items 
Cost of failure is divided into failure prior to the completion of the breakwater 
and failure after construction of the breakwater is completed. 
Cost of failure CF, during construction 
Increase in initial costs to complete construction of the breakwater. 
e Damage to other structures in the port i.e. wharves, buildings and vehicles. 
The number of days the port is suspended kom normal operation. 
Shipping operations moving to other ports and change in landward transport 
operations. 
Claims from suspended shipping operations, industry etc. 
e Loss of human lives 
Indirect economic loss i.e bad reputation 
Cost of failure CF* after construction 
e Damage to other structures in the port. 
The number of days the port is suspended from normal operation. 
e Shipping operations moving to other ports and change in landward transport 
operations. 
e Claims from suspended shipping operations, industry etc. 
Loss of human lives 
e Indirect economic loss i.e bad reputation 
Economic optimization of a vertical breakwater can be evaluated from the above 
considerations. The cost objective function in a optimal reliability analysis is 
chosen as the total expected costs CT of the structure during the expected life- 
time, equation (9.9) 
min C T ( ~ )  = Cr(b) + CF, Pf, (b) + C F ~ P ~ ~  (b) 
b 
where b: and by are lower and upper bounds to bi. CI is the initial construc- 
tion cost of the caisson and rubble mound, CF, is the costs of failure during 
construction and the corresponding probability of failure Pfl, and CF2 is failure 
after construction of the breakwater and Pf, is the corresponding probability of 
failure during the expected lifetime of the verticai breakwater. 
It is necessary to quantify the individual probabilities of failure in terms of limit 
states and safety classes. This is traditionally done by defining serviceability limit 
state (SLS) and ultimate limit state (ULS) of breakwaters. The corresponding 
safety classes are defined as low, normal and high depending on the usage of 
the structure and the certifying authorities. Usually SLS have higher accepted 
probabilities of failure compared to ULS. This is at  present being evaluated by 
members of PROVERBS (MAST III Marine Science and Technology 1996 -1999) 
sponsored by the European Union. 
In terms of the cost function presented in eq. (9.9), Pf, would lie in the bounds 
of ULS and Pf2 would lie in the bounds of SLS. 
Inspection and maintenance cost should also be included in the cost of failure 
to ensure safety and stability of the breakwater during the expected lifetime. 
Inspection will usually identify local failure modes which can be repaired, thus 
reducing the possibility of a primary failure mode causing damage to the struc- 
ture. In terms of a reliability evaluation inspection and maintenance will lie in 
the bounds of a serviceability limit state. 
9.3 Optimal design of vertical breakwaters with 
sand or clay subsoil - example 
The preliminary dimensions of the vertical breakwater including the stochastic 
parameters for the sand subsoil are given in section 6.5, where a high and low 
rubble mound was considered. The reliability based optimization will be per- 
formed with the vertical breakwater on a high rubble mound cf. Figure 6.8 
b. 
RRIiability based optimization of the vertical breakwater will be based on the 
two design parameters, the width of the conventional breakwater (B) and the 
height of the rubble mound ( h ~ r ) .  The series system evaluation is based on the 
rupture failure modes for sand and clay subsoils, illustrated in section 6.2. 
For simplicity the cost of failure is neglected and the initial costs can be written 
as: 
where Wc,i,,,n is the weight of the caisson and WYubble is the corresponding 
weight of the rubble. The difference in price per unit weight between the weight 
of the rubble and caisson is chosen as 2 = 2.  
The cost of construction is minimized with Ditlevsens (1979) upper and lower 
bounds including Hohenbichler (1987) approximation on the probability of failure 
of the series system of failure modes. The optimal reliability based problem can 
be described by: 
min Cr(B, h111 
where P; is the probability of failure of the system, and the reliability index. 
Optimal designs for different levels of the acceptable probability of failure Pfs 
(target probability of failure for the series system) within a return period of 50 
years for the sand subsoil, see Table 9.1: 
Critical 
Table 9.1: Optimal design for different levels of acceptable probability within a 
50 year return period (sand subsoil series system). 
where Bu and p h e  upper and lower reliability Ditlevsens bounds. The results 
given in Sable 9.1 are an example of combining the two geometrical parameters, 
the height of the rubble mound and the width of the caisson breakwater based on 
the target probability of failure for the given series system. Other combinations 
exist which could be more favourable for the client. 
For the clay subsoil the expected value and the covariance function are modelled 
as: 
where c, is in kPa and x, z are taken in meters at the change of a new soii 
layer (ongo (x, z) = (0, O) is at the point where the rupture slip line enters the 
clay subsoil), p,- = 130 is the expected value of the undrained shear strength, 
r c "  = 37.5 is the standard deviation of the undrained shear strength and 3 is 
a constant signifying the linear increase of the undrained shear strength of the 
clay subsoil. 
All the stochastic parameters described in section 6.5 are applied in the following 
reliability based optimization except for the angle of dilation and effective friction 
angle in the sand subsoil. 
Optimal designs for different levels of the acceptable probability of failure Pj 
within a return period of 50 years for the clay subsoil, see Table 9.2: 
3, clay subsoil 
3, clay subsoil 
Table 9.2: Optimal design for different levels of acceptable probability within a 
50 year return period (clay subsoil series system). 
where B" and p' are upper and lower reliability Ditlevsens bounds. The results 
given in Table 9.2 are an example of combining the two geometrical pararneters, 
the height of the rubble mound and the width of the caisson breakwater based on 
the target probability of failure for the given series system. Other combinations 
exist which could be more favourable for the client. 
Conclusion 
10.1 Summary 
Rubble mound breakwaters and vertical breakwaters are structures which are 
typically used to protect harbours. In this thesis the most important failure 
modes (failure mechanisms) of rubble mound breakwaters and conventional ver- 
tical breakwaters have been identified and described. 
Reliability methods are introduced as a design tool for rubble mound breakwater 
and vertical breakwater design. 
Available research results on vertical breakwater wave loading, existing found- 
ation stability methods, including sliding and overturning is reviewed. A new 
reliability-based way of approaching foundation stability of vertical breakwaters 
on a rubble mound with sand or clay subsoil is presented. The existing failure 
modes used in traditional design are described. Kinematical admissible rupture 
mechanisms are formulated such that a reliability analyses can be performed. 
Stochastic models for uncertain pararneters are described using the information 
from experimental tests and from the literature. Further, it is shown how the 
foundation failure modes can be modelled as components in a series system. 
Application of reliability methods on existing Japanese vertical breakwaters 
(Mutsu -0gawara v-section, West Breakwater at Niigata East Port (12-section) 
and Second West Breakwater at Niigata West Port) has been presented. The 
main results show a high probability of failure for the vertical breakwaters com- 
pared to traditional engineering structures. But compared to observed failure 
rates the vertical breakwater reliability levels are realistic. In all three cases the 
sand subsoil is comparatively weak and resulting in rupture failure modes 5 and 
6 being the most dominant. Sensitivity values from the reliability andysis show 
that the horizontal wave induced load, the reduced friction angle of the rubble 
mound, and the sand subsoil were dominating. 
Reliability based optimization formulations for rational design of vertical wali 
breakwaters are derived. They are based on the cost of constructing the struc- 
ture. Finally an illustrative example is presented of a conventional vertical break- 
water on a high rubble mound with sand and clay subsoil. 
Available research on crown wall wave loading based on run up, and overtopping 
is reviewed. Plane crown wall and crown wall with an extended leg are designed 
on the basis of foundation failure of the rubble mound only. Application of reli- 
ability methods on crown wall is presented, considering lirnited overtopping and 
similar real sea states (Bilbao and Fallornica). Characterization of the stochastic 
parameters, and reliability evaluation of the deterministic design are performed. 
It is found that the critical foundation failure mode is (2) plane crown wall and 
(5) for the crown wall with an extended leg. 
The main armour and toe berm interaction reliability analyses presented in this 
thesis are based on the experimental data from Lamberti (1994) and has clearly 
shown a positive effect of the armour stones moving onto the toe berm, thus 
enhancing stability of the toe berm. It is also observed that the increased erosion 
of the toe berm will reduce the stability of the armour layer drastically at limited 
water depth above the toe berm. 
The armour layer and toe berm stability equations are modelled by a series 
system of parallel systems which is applicable in a reliability analyses. Char- 
acterization of the stochastic parameters is performed prior to the reliability 
evaluation. An illustrative example is presented to show the effect of applying 
simple bounds to the probability of failure for the system. 
10.2 Concluding remarks and recommendations 
for further research 
Optimal reliability based assessment of the derived rupture failure mechanisms 
in the rubble mound and subsoil of conventional vertical breakwaters has been 
presented. The method is applicable to a wide range of vertical breakwaters, 
but evaluation of accepted probability of failure levels for different safety classes 
and limit states is important, before this tool can be fully accepted by the civil 
engineering community. 
It was shortly mentioned that the total cost function for a vertical breakwater 
should include inspection and maintenance costs. Therefore identifying inspec- 
tion and maintenance costs and the cost of failure of large breakwater structures 
is needed to be implemented in the optimal reliability based design of breakwa- 
ters. To correctly evaluate the lifetime of the structure. 
The limit state function corresponding to rupture failure of the foundation of a 
conventional breakwater was evaluated by use of the upper bound solution. In 
order to evaluate the accuracy of theses limit states they have to be compared 
to other methods available e.g. finite element models or lower bound methods. 
Little information was available in the prototype cases for the stochastic variab- 
ility of relevant soil pararneters e.g. effective friction angle cp', angle of dilation 
1/, and undrained shear strength of clay c, to evaluate the uncertainty of the 
parameters. These pararneters are very significant in the probabilistic analysis. 
Therefore more research in terms of the stochastic nature of the rubble/subsoil at 
the site is needed, and especially on the spatial variability of the soil parameters. 
Three dimensional wave loads has been presented in short form and can in prin- 
ciple replace the long-crested wave loads in terms of the overall design, but the 
methods are still crude and need further verification in terms of experimental 
work. Especially the following two points are important: 
a) The main wave direction, and the directional spreading are needed to give 
a wide range of application for wave loads in a short crested sea on vertical 
breakwaters. 
b) The impulsive wave loads from plunging breakers close to vertical breakwaters, 
and the dynamic response of the foundation in short crested seas. 
A way of quantifying a system of failure modes for vertical breakwaters has been 
presented. Using this system in a reliability analysis has clearly shown that it 
is applicable as a design tool, but not all vertical breakwater failure modes were 
included. So therefore further reliability analyses of the vertical breakwater 
failure mode system, including a wide range of failure modes as presented in 
Figure 1.4, should be evaluated in future work. 
The rupture failure of the foundation of crown walis was evaluated by use of the 
upper bound solution, to determine the limit states. Theses limit states have 
to be compared to other methods available e.g. finite element models or lower 
bound methods. 
Reliability evaluation of a multiple system of failure is presented for the armour 
layer and toe berm interaction based on laboratory investigation. Further ex- 
perimentation is required to clarify the large uncertainty of the design equations 
derived from the laboratory data for the combined effect of armour and toe berm 
stability. The question of scale effects should also be investigated. 
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Conventional 
vertical breakwater 
foundation 
failure modes 
List of symbols 
BT : Width of the caisson 
Bz : Width of the initial rupture zone in the caisson or rubble mound 
CU : Undrained shear strength of clay 
: Weight of the construction, considering reduced buoyancy of the caisson 
: Goda's horizontal force acting on the caisson 
: Goda's horizontal force acting on the caisson 
including horizontal pore pressure component along the rupture boundary 
: Goda's wave induced uplift force along the base of the 
: vertical breakwater 
: Resultant force acting on the base of the vertical breakwater 
'L : Sea water level 
: External work done 
: Total internal energy dissipation in the foundation 
: The individual energy dissipation terms in the soil, n=1,2 .... etc 
: Unit increment movement along the line of fracture or rotational vector 
: Average density of caisson 
: Specific density of water 
: Specific density of the rubble mound 
: Angle of &lation 
: Effective friction angle 
: Reduced effective friction angle of the rubble mound material 
: Reduced effective friction angle of the subsoil 
: Geometrical angle 
: Displacement vector 
: Stress component 
E : Strain component 
Pu : Goda's uplift pressure along the base of the caisson 
A. l  Introduction 
In the design of the gravitational caisson, the construction and the underlying 
soil have to sustain the wave forces and weight of the caisson during the expected 
lifetime of the structure. A gravitational caisson can in principle be designed as 
shown in Figure l . la  and l.lb. 
CLAY, SANC OR ROCK CLAY. SAND OR ROCK 
Figure A . l :  a,b Caisson breakwater o n  high mbble foundation and o n  bedding 
lager. 
Figure A. l  b is the caisson type which is placed directly on the seabed, when the 
waterdepths are relatively low, 5 < h, < 10 meters. Figure, A . l  a, is the caisson 
type placed on a large rubble mound in deep water, where (h, > lom). This is 
primarily due to the expensive costs of placing a caisson directly on the seabed. 
The main forms of failure modes related to gravitational caissons in vicinity of 
the foundation are 
Sliding 
Rupture failure (depending on a variety of soil characteristics) 
Crushing at the heel of the caisson 
Overturning 
Foundation failure modes for conventional vertical breakwaters, sliding and rup- 
ture failure are presented in the following. Kinematically corred slip surfaces 
and failure zones in undrained clay and friction based soil are derived by upper 
bound theory by equating the external work and internal energy dissipation in 
the foundation. 
Wave loads are calculated by Goda's wave pressure formula , for a conventional 
vertical breakwater (Goda et al. 1972 and Goda 1974). 
Failure modes involving foundation failures must be evaluated in any design. 
Excess settlement due to consolidation of soft soil is mother important failure 
mode, which is not discussed in this report. Slip failure modes represent fail- 
ure states and any related calculation can only give information related to the 
safety against failures, i.e no information related to in-service conditions can 
be extracted. The evaluation of safety against 'foundation slip failures is based 
on the force balance and the work balance equations and in this paper related 
to kinematically correct slip surface and failure zones (Rankine, Prandtl zones 
and slip fans). The ratio between stabilizing and driving forces/moments are 
taken as a measure of the safety level. For a given type of slip failure mode 
the minimum value of this ratio is found by an iterative procedure. All relevant 
types of slip failure modes must be investigated in this way in order to obtain 
the true minimum value of the stability ratio. Stability ratio calculations based 
on kinematically correct slip failures provide in principle results on the unsafe 
side, i.e. the ratio of stabilizing forces over driving forces is greater than or equal 
to the correct value. However, the method gives results very close to the true 
values. The method is applicable to static and quasi-static load conditions and 
it rnight be applied with some modifications to cover also dyna&ic loads where 
inertia forces are of importance. In this report only the conventional static load 
approach is discussed and exemplified. 
A.2 Assumption of the soil characteristics ap- 
plied in the derivation of the failure modes 
A correct solution for the bearing capacity has to be statically and kinematical 
admissible. It is difficult to find solutions which fulfil both conditions. General 
solutions are kinematical admissible where the displacement field satisfies the 
boundary conditions for displacement and flow rule. Therefore restriction to the 
applied material pararneters have to be considered, before applying the upper 
bound solution. 
Following assumptions are done: 
The normality condition has to be ful1 filled, so that the soils friction 
angle and the soils angle of diiation are the same (plasticity theory). 
The soil is homogeneous and isotrop. 
Rupture failure is considered. Investigations into consolidation of the 
foundation is not taken into consideration. 
A.3 Upper bound theorem and plasticity of the 
soil 
The upper bound theorem will be applied to the postulated kinematical admiss- 
ible rupture figures in the following sections. The definition of the upper bound 
theorem is defined as follows: 
If an estamate of the  plastic collapse load is  made  by equating internal rate of 
dissipation of energy to  the  rate of which external forces do work in any  postulated 
mechanism of deformation of the  body, the estimate will either be high o r  comect. 
The upper bound solution is based on equating the external work to the internal 
stresses during an increment movement of a kinematical admissible mechanism, 
and at the same time accepting that plastic flow must have occurred prior to 
rupture failure. 
The upper bound solution can be formulated as follows for a given failure surface 
consisting of external forces per unit area T and body forces per unit volume of 
the body F. 
Figure A.2: A body of rigid-plastic material acted o n  by external forces and body 
forces. 
From Figure A.2, the work equation can be expressed as the work done by 
the external forces and the body forces which is identical or greater than the 
work done by the internal stresses. Here the upper bound solution is based on 
a kinematical admissible velocity field, and if this is found then collapse must 
occur under the present velocity field. A kinematical velocity field, V, must satisfy 
the boundary conditions of a compatible rupture figure for a given rigid-plastic 
material. 
The work equation is as follows: 
where A is the area, V is the volume, ?f is the internal stresses, and E is the 
strains. 
The yield surface in an ever changing plastic material can be written in the form 
of f (i?), where i? is a six dimensional stress tensor a = (u,, ug, u,, TZ, T ~ ,  T=), but 
for simplicity shown in two dimensions in Fig A.3. 
Figure A.3: T w o  dimensional case of the stress and strain relationship in soals , 
includang the yield surface 
The state of the material is descrribed by the yield function: 
< O no rupture 
= O rupture 
> rupture 
The material is rigid and plastic, if the material is stiff for f (F) < O and plastic 
for f (a) = O 
In this study the number of internal dissipation energy terms will differ for a 
postulated rupture figure and the type of material.This is shown in the following 
where clay and friction based soil are considered. 
A.4 Effective friction angle 
The effective friction angle p' is the important parameter, determining the bear- 
ing capacity of friction based soil. It is the main parameter used in the upper 
bound theory. The effective friction angle used in the calculations is determ- 
ined experimentally and in many cases can be bias, because the history of the 
hosen material is unknown. Hansen B. (1979) has shown a method to determ- 
ine material deterioration and strength, which is applicable to determining the 
bearing capacity of a kinematical rupture figurer. This results in a reduction of 
the effective friction angle pd .  
sin p' cos $ 
taniPd = 1 - sincplsin$ 
where $I is the angle of dilation of the material. The angle of dilation represent 
deformation of the considered material and is less than the effective friction 
angle. 
A.5 Wave induced uplift pressure in the soil 
The wave induced uplift pressure is calculated from the wave pressure formulae 
by Goda et al. (1972) and Goda (1974) for the case of a conventional vertical 
front where wave breaking on the wall is not enhanced by a steep sea bed or 
structural configuration. The formulae are based on model tests in head-on 
waves but were modified to cover also oblique waves on the basis of work by 
Tanimoto et al. (1976). The formulae include the effect of breaking waves to 
the extent of normal accidental (non-provoked) wave breaking. The formulae are 
currently used in the Japanese standards. Fig. A.4 shows the related definition 
sketch for the wave uplift pressure. 
Although the wave induced uplift pressure at the front edge of the base plate is 
equal to p3 it is suggested by Goda to use a somewhat reduced value 
SWL / 
- - - - - - - 4 
Rupture boundary 
- 
cos e 
FigureA.4: Definition sketch for the wave induced uplift pressure along the 
boundary of mpture 
This wave induced uplift pressure is calculated along the base plate of the vertical 
breakwater and only gives the vertical component of the pressure. 
The pore pressure resultant along the rim of the rupture zone in soil is Plcos8, 
where P is the vertical component along the length Z. The horizontal component 
of the force is: 
The horizontal wave induced pressure arises along the pore pressure build up in 
the rubble mound due to the impermeable concrete plane base. In the following 
derivation of the foundation failure modes an extra contribution is added on the 
horizontal load component along the rupture boundary. This increases the safety 
of a given design of a vertical breakwater. 
A.6 Caisson breakwater foundation failure modes 
Figure A.5 a and b present an overview of the various kinematically admiss- 
ible foundation failure modes corresponding to static load cases. The following 
rupture figures will be derived by applying upper bound theorem to all ten cases. 
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Figure A.5: a Various kinematically admissible foundation failure modes 
@ FWURE M RUBBIE AND SAND (ROTATION) @ FAILURE m RUBBLE AND CLAY 
@ FAILURE IN RUBBIE AND CLAY (ROTATION) @ FAILURE m RUBBLE AND CLAY (ROTATION) 
P W T L  ZONE 
Figure A.5 b Various kinematically admissible joundation jailure modes 
A.6.1 Sliding between caisson and bedding layer /rubble 
foundat ion 
Case 1. in Fig A.5a is considered 
SLIP FAILURE 
Figure A.6: Sliding failure o n  bedding layer or  rubble mound  . 
Sliding, i.e. horizontal displacement of the caisson, can occur as a slip either at 
the interface between the caisson concrete base plate and the rubble material, 
or entirely in the rubble material. 
Corresponding to the first mentioned case stability against sliding exists when 
the ratio of the resultant horizontal force, FH, to the resultant vertical force is 
equal to or less than tanp, i.e. 
where Fc is the weight of the caisson reduced for buoyancy, Fu is the wave 
induced uplift force on the base plate and p is the angle of friction between the 
concrete base plate and the rubble mound or the bedding layer. Reference is 
given to OCDI (1991) and Takayarna (1992) for values of tan p. 
When sliding failure takes place entirely in the rubble mound, e.g. in the bedding 
layer, then p must be substituted by the reduced effective angle of friction (od, 
of the rubble mound material. 
The figure below shows the displacement of sliding rupture in the rubble mound. 
Figure A.7: Displacement field for sliding along a mbble undedagler, 
where b = 1 is the displacement of the body a unit increment aiong the base of 
the verticai breakwater. 
A.6.2 Failure in the rubble mound 
Case 2 in Figure A.5 a. is considered. 
CLAY, SAND OR ROCK 
Figure A.8: Rupture faalure in the mbble rnound. 
The kinematic admissible rupture figure is presented in Fig A.8. The rupture 
in the rubble mound takes place aiong the plane A to B. By equating the 
externai work and internai work for an infinitesimai deformation w i ,  the following 
derivation of the limit state equation is possible: 
The weight of zone 1 as a function of B is 
1 tan 6' 
FG] - -(rs - %)(B= + a)2  2 1 - 1.5tan6' 
The final work equation as a function of 6' 
where F& is the horizontal force (derived from wave induced pressure and pore 
pressure along the rupture boundary in the rubble mound), FG - FU is the weight 
of the caisson reduced for buoyancy minus the wave induced uplift, cpd, is the 
reduced friction angle of the rubble mound material, (y, - y,) is the reduced 
specific weight of the rubble, B, is the width of rupture zone underneath the 
caisson base plate, and W ~ H  and w i v  are horizontal and vertical components of 
w l ,  see Figure A.9. 
Figure A.9: Displacement field for the stiff mpture zone. 
where w i ,  W ~ H  and w l v  are shown below: 
(A. 10) 
where B is the unknown angle to be determined by minimizing the ratio between 
the stabilizing work and driving work, equation (A.8). 
A.6.3 Failure in rubble mound and sliding rubble and clay/sand 
Case 3 in Fig A.5 a is considered. 
B C 
CL4Y OR SAND 
Figure A.lO: Failure in mbble  and sliding between mbble  and clay/sand. 
Rubble mound placed o n  clay 
The bearing capacity of the clay c m  be devised from rupture along AB which 
contributes to sliding rupture along BC. 
where horizontal force FH,  a +  b is the berm width on the rear side of the caisson 
cf. Figure A.lO, hrr is the height of the rubble mound, c, is the undrained 
shear strength of the clay and B, is the width of the first rupture zone below 
the caisson. 
Rubble mound placed o n  sand 
The bearing capacity of the sand subsoil can be devised from rupture along AB 
which contributes to sliding rupture between the rubble mound and subsoil along 
BC. 
The weight of zone 1 is 
The work equation 
where F: is the horizontal force (derived from wave induced pressure and pore 
pressure along the rupture boundary in the rubble mound), FG is the weight 
of the vertical breakwater reduced for buoyancy, Fu is the wave induced uplift 
force and FG, is the weight of the zone 1 reduced for buoyancy cf. Figure A.lO. 
A.6.4 Foundation failure in the rubble mound, friction 
based soil 
Case 4 in fig A.5 a is considered. 
The soil is considered to be homogeneous and characterized as friction based 
soil. An upper bound solution to a kinematical admissible rupture figure in the 
foundation is applied. The figure below shows the rupture zones limited in the 
rubble mound. 
RUBBLE: MOUND 
CLAY. SAND OR ROCK 
Figure A.11: &ilure in rubble rnound in fnct ion based soal. 
Considering that the soil exhibits plastic behaviour, the work equation can be 
formulated as shown in the following, when the foundation is forced to move a 
unit increment 6 = 1 along the first slip line AB. 
The first zone is characterized as a stiff zone which exhibits no internal energy 
dissipation as is the case for zones 1 - 3 along the rim of the rupture boundary as 
the normdity condition is fulfilled. This zone slides down the rupture line AB 
causing a instantaneous shift of zone 1. Zone 2 is a set of rotating logarithmic 
fans which exhibit displacement in the same direction as zone 1 until a resultant 
displacement reverses and causes the soil to exhibit a holding capacity. Zone 3 
moves as a stiff zone holding part of zone 2, zone 1 and the external forces, when 
equilibrium is present. 
The geometric lengths of rupture figures are presented as r (radius) and 1 (length) 
subscript. These geometrical lengths are used to determine the area of each 
individual rupture zone and the displacement of each rupture zone: 
The initial radius of the rupture fan, close to the first stiff zone. 
sin Ol 
 BF = Bt . 
814; - pd1) 
The radius of zone 2 along FC. 
TFC = T m e  Bz tan m, (A.15) 
The following length pararneters are found to determine the area of the zone 3. 
TFC sin($ + m,) 
~ F G  =
sin 87 
 EG = ~ F G  - ~ E F  (A.17) 
where ~ E F  is the berm width on the rear side of the caisson cf. Fig A.12. 
T F C  sin O3 
 CG = 
sin e7 
where O7 = $ - F 
IEG sin($ - arctan(s)) 
 DG = 
sin Os 
where 86 = + O3 + arctan(s). 
I C D  =   CG -   DG 
Figure A.12: Geometn'cal figure of zone 3. 
Displacement jield corresponding t o  the  mpture  figure 
The displacement of the first rupture zone: 
Figure A.13: Displacement faeld of the  first stiff zone . 
The vertical displacement vector wzv in zone 2 as a function of B: 
wzv(0) = w i e  Otanqd 1 sin(cpd, - 01 + O ) ;  O E [O; Oz] (A. 24) 
where w1 is the displacement of the Prandtl zone aiong the fracture line BF. 
C 
Figure A.14: Displacement field of slip fans along BF. 
The displacement vector for zone 3 moves as a stiff zone, see Figure A.15. 
Figure A.15: Displacement field of zone 3. 
w3 = W l e 0 2  tan +'d, 
Self weight of the soil in the rupture zones 1 - 3 
The work done by the self weight of the soil in zone 1, Wl.  
where Ri is the area of rupture zone 1 
1 01 = -Bz1~,g sin Ol  2 
Work done by the self weight of the slip fan in zone 2, Wz. 
where the analytic solution of W2 is 
wz = (7s - YW)TCF [e o2 tan v d ,  han v%l sin(vdl - 61 + 02) (A.30) 2 tan2 vd1 + 2 
- cos((odl - Bi  + B , ) ]  - tanvdl sin(qd, - O l )  - I - o l ) ]  
Work done by the self weight of the soil in zone 3,  W3. 
w3 = (7s - y w ) w 3 v f l 3  
where f 13  is the area of rupture zone 3. 
To establish the work done in equilibrium where the work from the externd 
forces and self weight in each individud zone are computed, gives the following 
bearing capacity of the friction based soil. 
tan v d ,  1 1 
sin(cpd, + 6'2 - & ) ( - l F G  sin O7lcG - - lEG sin 071DG) 
cos 'Pdi 2 2 
where Ol is the unknown angle to be determined by minimizing the ratio between 
the stabilizing work and driving work. 
A.6.5 Failure in rubble mound and friction based soil 
Case 5 in Figure A.5 b. is considered. 
Figure A.16: Ekacture failure in  rubble and sand 
Considering that the soil exhibits plastic behaviour, the work equation can be 
formulated as shown in the following, when the foundation is forced to move a 
unit increment 6 = 1 along the first slip line AB. 
The first zone is characterized as a stiff zone which exhibits no internal energy 
dissipation as is the case for zones 1 - 4 along the rim of the rupture boundary 
as the normality condition is ful1 filied. This zone slides down the rupture line 
AB causing an instantaneous shift of zone 1 and an altered displacement of 
the second stiff zone due to  an altered friction angle cpd,. Zone 3 is a set of 
rotating logarithmic fans which exhibit displacement in the same direction as 
zone 2 until a resultant displacement reverses and causes the soil to exhibit a 
holding capacity. Zone 4 moves as a stiff zone holding part of zone 3, zone 2, 
zone 1 and the external forces, when equilibrium is present. 
The geometric lengths of rupture figures are presented as r (radius) and 1 (length) 
subscript. These geometrical lengths are used to find the area of each individuai 
rupture zone and the displacement of each rupture zone: 
The initial radius of the rupture zone, close to the first stiff zone. 
The initial length of zone 2, close to the first stiff zone. 
) ' - 2  (*) sin 01 BzcosOi 
The initial radius of the rupture fan, close to the second stiff zone. 
The radius of the rupture fan, close to zone 4. 
r D F  = T C F e  8 ,  tan wd, 
The following length parameters are found to determine the area of the zone 4, 
given by the material parameters in the rubble mound. 
The length l p E  and LFH in zone 4 ,  close to zone 3 on the rear side of the caisson 
cf. Figure A . 1 7 .  
~ F H  = J ( ~ F G  + ~ H I I ) '  + H;I 
where s is the slope ( 1 : s )  of the rubble mound on the rear side. 
Figure A.17: Geometrical figure o j  zone 4 . 
Displacement field corresponding to the mpture figure 
The displacement vector in the horizontal and vertical direction for the first stiff 
zone is 
Figure A.18: Displacernent field of the first stiff zone. 
Displacement of zone 2 moves as a stiff zone. h reality the displacement should 
be described in terms of p d ,  and cpd,. The displacement of the rupture zone 2 
follows the first zone so no discontinuity is present. 
The vertical displacement vector W J ~  of zone 3 cm be formulated as a function 
of 0 as: 
B tan ( ~ d  
W ~ V ( T ,  0) = wie  sin(cpd, - 01 i- O ) ;  0 E [O; 
where w1 is the displacement of zone 3 along the fracture line CF. 
F 
Figure A.19: Displacement field of the slip fans in zone 3. 
Zone 4 moves as a stiff zone. The displacement field for zone 4 is shown below. 
w4 = w l e O ~  v d z  (A.46) 
Figure A.20: Displacement field of zone 4. 
Self wezght of the soil in the rilpture zones 1 - 4 
Work done by the self weight of the soil in zone 1, Wl. 
W1 = (?s - ?w)wlvRl 
where R1 is the area of rupture zone 1 
1 
01 = S B , H ~ ~  
work done by the self weight of the soil in zone 2, Wz. 
Wz = -^lul)Rzwzv 
where R2 is the area of rupture zone 2 
1 R2 = -LBFTCF sinez 2 
B sin61 where O2 = pd, + arcsin( igF ) - as long as O2 2 O 
Work done by the self weight of the soil in zone 3, W3. 
W3 = (7s - y*) IrDF /Os Wgy(6,T)TdTd~ 
O o 
where the analytic solution of W3 is 
w3 = (7s - Y*)T&F 03  tan v d  re [tan sin((odl - 61 + 6'3) (A.53) 2 tan2 pdl  + 2 
Work done by the self weight of the soil in zone 4, W. 
w4 = (7s - Y , " ) L J ~ v ~ ~  
where 0 4  is the area of rupture zone 4 
1 
+ - l D ~ ~ l D D f  sin - - - 2 
To establish the work done in equilibrium, where the externd forces and self 
weight in each individud zone are computed, gives the following bearing capacity 
of the friction based soil. 
The angles 81 in the limit state equation is the unknown angle to be determined 
by minimizing the ratio between the stabilizing work and driving work. 
A.6.6 Failure in rubble and sand 
Case 6 in Fig A.5b. 
Figure A.21: Rupture in mbble movnd and sand subsoil. 
Considering that the soil exhibits plastic behaviour, the work equation can be 
formulated as shown in the following, when the foundation is forced to move a 
unit increment d = I along the first slip line AB. 
The first zone is characterized as a stiff zone which exhibits no energy dissipation 
as is the case for zones 1 - 5 along the rim of the rupture boundary as the 
normality condition is ful1 filled cf. section 1.2. This zone slides down the 
rupture line AB causing an instantaneous shift of zone 1 and a change of the 
second stiff zone due to an altered friction angle pd,. Zone 3 is a set of rotating 
logarithmic elements which exhibit displacement in the same direction as zone 2 
until a resultant displacement reverses and causes the soil to exhibit a holding 
capacity. Zone 4 moves as a stiff zone and causes rupture at the rear foot of the 
rubble mound, forming a rupture fan, zone 5. These two zones reduce the ability 
of zone 1 - 3 and the externals loads to cause rupture. 
The geometric lengths of rupture figures are presented as r (radius) and 1 (length) 
subscript. These geometrical lengths are used to find the area of each individual 
rupture zone and the displacement of each rupture zone: 
The initial length of zone 2, close to the first stiff zone. 
I B I  = {B: + ( - ) ' ~ 2  sin 01 (i) sin el ~ C O S O ~  
The initial radius of the rupture fan, close to the second stiff zone. 
sin (n - (ydl - + a r c s i n ( v ) ) )  
TCI  = I B I  
sin($ - YJdz) 
The radius of the rupture fan, close to zone 4. 
T D I  = T c I e  0s tan vdl 
The following length pararneters are found to determine the area of the zone 4, 
given by the material pararneters in the rubble mound. 
The length I o n F ,  and l IG in zone 4 ,  close to zone 3 on the rear side of the caisson 
cf. Figure A.22. 
where s is the slope (1:s) of the rubble mound on the rear side. 
The lengths lGFt and lGE in zone 5, cf. Figure A.22. 
sin ( f  - f - arctan 
Z D ~ G  = Z G I  ( 1  "I1 1) 
sin (F + y) (A. 64) 
where O5 = - 
lGF> = - I D r G  
Figure 11.22: Geometrical figure of zone 4. 
Displacement field corresponding to the kinematical admissible rupture figure cf. 
A.21 
The displacement vector for zone 1 is 
Displacement of zone 2 moves a s  a stiff zone. In reaiity the displacement should 
be described in terms of y d l  and cpd,. The displacement of the rupture zone 2 
Figure A.23: Displacement field of the p s t  staff zone 
follows the first zone so no discontinuity is present. 
w z v  = w1v 
The vertical displacement vector w ~ v  in zone 3 can be formulated in polar co- 
ordinates as: 
W Q V ( T ,  6') = w i e  O tan ipd sin(%%, - @i + 8 ) ;  9 E [O; 031 r E [O; ~ D I ]  (A.72) 
where w1 is the displacement of the slip fans in zone 3 along the fracture line CF 
see Figure A.24. 
Figure A.24: Displacement field of  the slip fans in zone 3. 
The displacement of zone 4 moves as a stiff zone see Figure A.25. 
w4 = w1 tan Pd2 
Figure A.25: Displacement held of zone 4. 
The displacement vector for the slip fans in zone 5 see Figure A.26. 
W ~ V  = w4e B tan vd sin(& + v d i  - 6'1 + B); B E [O; Og] 
Figure A.26: Displacement field of the slip fans in zone 5. 
Self weight of the soil in the wpture  zones 1 - 5 
Work done by the self weight of the soil in zone 1, Wl. 
W1 = (7, - 7w)wivRi 
where Ri is the area of rupture zone 1 
1 
Cl1 = -B,Hrr 2 
work done by the self weight of the soil in zone 2, W2. 
w2 = (ys  -7w)Rzwzv 
where Rz is the area of rupture zone 2 
1 Rz = -LsIrcI sin O2 2 
B sin er where 0 2  = ( ~ d ,  - arcsin( z l B I  ) - as long as 02 L: O 
Work done by the self weight of the soil in zone 3, W3. 
where the analytic solution of W3 is 
Work done by the self weight of the soil in zone 4, W4. 
W4 = (78 - 7w)w4vR4 
where 0 4  is the area of rupture zone 4 
1 R = -lGIlIHsin arctan HII  4 2 ( ( lIH+sHII))  
1 HII  
2 
(" pdl - arctan ( l  )) + - l I H ( r ~ ~  - 1 ~ ~ 1 )  sin 4- -2 I H  + SHII  
1 
+-LDtF~LDD, sin (a - y) 2 
1 
- - l G F ,  I G ~  sin 05 2 
Work done by the self weight of the soil in zone 5, W5. 
where the analytic solution of W5 is 
( A .  84) 
- cos(~di - 81 + 83 -k es ) ]  - tan pdl sin(pd, - el + e3)  
- cos(pd, - 81 + 03)] 
To establish the work done in equilibrium, where the external forces and self 
weight in each individual zone are computed, gives the following bearing capacity 
of the friction based soil. 
The angles Ol in the limit state equation is the unknown angle to be determined 
by minimizing the ratio between the stabilizing work and driving work. 
A.6.7 Failure in rubble and sand (rotation) 
Case 7 in Fig A.5b is considered. 
Figure A.27: Rupture in the rubble mound and sand subsoil (rotation mechanism) 
Considering that the soil exhibits plastic behaviour, then the work equation can 
be formulated as shown below, when the foundation is forced to move a unit 
increment 6 = 1 about the point 0(x ,  z). 
This is a postulated rotation mechanism which exhibits rupture failure along 
the first logarithmic spiral (friction based soil) AB, moving zone 1 cf. Figure 
A.27. Zone 2 rotates and moves in the same direction , but is configured to 
soil characteristics in the subsoil as pd, # (od, .  Part of zone 3 moves in the 
direction of zone 1 and 2, and rests has a holding capacity. Zone 4 exhibits 
holding capacity thus holding the wave loads, weight of the structure and s t S  
rupture zones 1, 2 and part of 3. 
The geometric lengths of rupture figures are represented as R (radius) and l 
(length) subscript. These geometrical lengths are used to determine the area of 
each individual rupture zone and the displacement of each rupture zone: 
Radius Ri is determined from the point of rotation O(x, z). 
The radius at the point of rupture along base of the vertical breakwater. 
R2 = Rie 91 tanvdl (A.87) 
The radius at the point of rupture along base of the rubble mound. 
R3 = Rze 92 tan v d 2  
where €J2 always is positive. 
Radius of the second stiff zone, R4 
sin(n - O2 - 03) R4 = R2 
sin 03 - R3 
where R4 always is positive. 
External work 
The external work is calculated as the moment around the center of rotation 
0 ( x ,  z) multiplied by a unit increment of the angle 6. 
where M, is the resultant force FR acting on the base plate multiplied by the 
perpendicular length to the point O(%, z ) .  
Self weight of zone 1 - 4 
There is no work along the rim of the rupture zones as the normality condition 
is assumed fulfilled. Therefore only the movement of the weight contributions 
are taken into consideration. 
Work done by the self weight of the soil in zone 1, W l .  
where RI is the area of rupture zone 1 and 11 is the perpendicular length between 
the point of rotation and the center gravity of zone 1. 11 is found numerically by 
dividing zone 1 into a number of triangles and calculating an average center of 
gravity relative to the center of rotation O(x,z). 
Work done by the self weight of the soil in zone 2, Wz. 
where Rz is the area of rupture zone 2 and lz is the perpendicular length between 
the point of rotation and the center gravity of zone 2. l z  is found numericaliy by 
dividing zone 2 into a number of triangles and calculating an average center of 
gravity relative to the center of rotation O(x,z). 
Work done by the self weight of the soil in zone 3,  W3. 
where $l3 is the area of rupture zone 3 and l3 is the perpendicular length between 
the point of rotation and the center gravity of zone 3.  l 3  is found numerically 
by dividing zone 3 into a number of triangles and calculating an average center 
of gravity relative to the center of rotation O(x,z). It should noted that zone 3 
partly moves in the direction of the wave loads and has a bearing capacity. 
Work done by the self weight of the soil in zone 4, W4. 
where 0 4  is the area of rupture zone 4 and l 4  is the perpendicular length between 
the point of rotation and the center gravity of zone 4. 14 is found numerically by 
dividing zone 4 into a number of triangles and calculating an average center of 
gravity relative to the center of rotation O(x,z). 
To establish the work done in equilibrium where the external forces and self 
weight in each individual zone are computed gives the following bearing capacity 
of the friction based soil. 
where (x, z) are the unknown coordinates to be determined by minimizing the 
ratio between the stabilizing and driving work. 
A.6.8 Foundation failure, slip in the rubble mound and 
rupture failure in the clay subsoil 
Case 8 in Fig A.5b is considered. 
CLAY 
C 
Figure A.28: Failure in rubble mound and pure translation mechanism in clay. 
There is a resultant external Load FR cf. Figure A.28 and the weight of zone 
4 which causes a slip plane along AB due to the extent of the reduced effective 
angle of friction. No internal energy dissipation is calculated along AB, due 
to the assumption of the normality condition. The rupture slip line proceeds 
into clay causing instantaneous shift of zone 1 and producing internal energy 
dissipation along the rim of the rupture boundary BC. Zone 1 moves into the 
Prandtl zone which exhibits internal energy dissipation along the rim CD and 
up towards the point of rotation in a circular motion. The Prandtl zone causes 
the Rankine zone to rupture as a stiff element up towards the sea bed producing 
internal energy dissipation along DE. 
The total internal work Wr in the rupture zone has to be greater than the 
external work W,, to  ensure stability of the foundation. 
External work 
The external work is calculated from the horizontal force F; (derived from wave 
induced pressure and pore pressure along the rupture boundary line in the rubble 
mound) and from the buoyancy reduced weight of the caisson FG, Fu wave 
induced uplift force and buoyancy reduced weight FG, of the rubble mound in 
zone 4. 
By applying the work equation the external work can be expressed as follows. 
WE = ~ ( ( F G  - Fv + F G ~ )  . sin Ol + F; . cos O l )  
where Ol is defined in Figure A.28 and is the only unknown parameter and FG, 
is 
Internal work 
The internal work is the sum of the work produced along the rim of all fracture 
zones and work produced in the Prandtl zone. No work is produced along the 
fracture line AB, when rupture takes place, because friction based soils do not 
exhibit plastic behaviour, where strain in the soil proceeds independent of the 
stress, except for very large strain in the so called residual case, where the friction 
base soil is greatly weaken. Normally the weakening of the friction based soil is 
not included in the calculation. The internal work can be expressed as WI: 
where Wl ,  W z ,  W3 is the work produced along the rims of the fracture zones BC, 
CD, DE 
The fracture zones 1 and 3 are regarded as stiff zones. W4 is the internal work 
in zone 2., W5 self weight of zone l., W6 self weight in zone Z., W7 seif weight in 
zone 3. 
The internal work can be formulated as shown below: 
where c, is the undrained shear strength of clay and B, is the width of the first 
stiff zone. 
Internal work considering the Prandtl fracture zone. 
Prandtl fracture: 
where S is rotation of the top point in the Prandtl zone, a unit increment. 
Self weight of zone 1 - 3 
The weight of each zone in the soil considering uplift can have effect on the 
total weight as the first stiff zone is forced to moved down the rupture line BC. 
This might change the area of zone 1, zone 2 and zone 3 and the corresponding 
weights. 
where RI is the area of rupture zone 1. 
Work done by the self weight of the soil in zone 2, Wz. 
Ws = (ys - ?,)b sin 01 l,, 
where Rz is the area of rupture zone 2. 
Work done by the self weight of the soil in zone 3, W3. 
where R3 is the area of rupture zone 3. 
The internal work WI and external work WE have to be in equilibrium so there- 
fore Wr = WE. The dimensionless bearing capacity of the foundation can now 
be formulated, when c, is constant. 
where Ol is determined by minimizing the ratio WIIWE 
A.6.9 Foundation in rubble and clay, rotation mechanism 
Case 9 in Figure A.5 is considered. 
The slip line AB is theoreticaily a logarithmic spiral. The areas, 1 and 2 move 
as stiff zones and interact with the clay subsoil, where a circular rupture zone 
evolves. The kinematic admissible rupture figure is described by a rotation 
mechanism about point D. 
Figure A.29: Rupture in the rubble mound and clay subsoil. 
The geometrical lengths and the radius for the kinematically admissible rupture 
figure are cf. Figure A.29. 
As noted above, the slip line AB is approximated by a straight line. The radius 
Rz then becomes 
Further L A D  becomes 
The center of gravity for zone 1 and 2 is defined by the length lG, cf. Figure 
A.29 
External work done 
The external work WE done by the wave loads, the pore pressure along the 
rupture boundary line and the weight of the vertical breakwater is for an infin- 
itesimal rotation b around point D 
where M, is the moment around D of the wave loads, the pore pressure and the 
weight of the caisson. 
The work done due to the weight of zones 1 and 2 is a rotation around D 
where 01 and Qz are the areas of zone 1 and 2, and ZAD - lG is the perpendicular 
length between the point of rotation and the center of gravity for zone 1 and 2. 
The work done by the weight of zone 3 is zero as the resultant displacement of 
the center of gravity is horizontal. 
The internal work done in zone 3 along the rim of the rilpture boundary BC is 
where c, is the undrained shear strength of the clay. 
The limit state equation for the rupture mechanism in Figure A.29 is then: 
82 is the unknown angle to be determined by minimizing the ratio between the 
stabilizing work and driving work. 
A.6.10 Foundation failure involving the rotation mechan- 
ism 
Case 10 in Figure A.5b is considered. 
The failure mode is kinematically admissible and is determined from the position 
of the center of rotation O(%, z). The plane failure mode is shown in Figure A.30. 
Note that it is assumed that tensile stresses cannot occur under the caisson base 
plate. 
CLAY 
PRANDTL ZONE 
Figure A.30: Rupture in  the rubble mound and clay subsoil. 
The width of the rupture zone can be determined from case 3, page 9. 
ZONE 
The total internal work Wr in the rupture zone has to be greater than the 
external work WE, to ensure stability of the foundation. 
External work 
The external work is calculated as the moment around the center of rotation 
0 ( x ,  z) multiplied by a unit increment of the angle 6. 
where M, is the moment of the wave induced loads, weight of the caisson con- 
sidering buoyancy, weight of the rubble mound in zone 1 and horizontal pore 
pressure relative to the point of rotation O ( x ,  z). 
Internal work 
The total internal work covers the rim of all fracture zones and the contribution 
from the Prandtl and Rankine fracture zone. The sum of the internal work cm 
be expressed as WI: 
where Wz,  W3, W4 is the work along the rim of the fracture zones BC, CD, Ws, 
and DE internal work in the Prandtl zone, Ws internal work in the Rankine 
zone 
Internal work along the rim of the fracture zones can be calculated from the 
point of rotation 0 ( x ,  z): 
where c, is the undrained shear strength of clay. 
Internal work considering the Prandtl and Rankine ruptures zones zones. 
Prandtl fracture: 
Rankine fracture: 
The rotation point can be calculated as the point where the ratio between total 
internal work W, and external work WE is a minimum without failing. 
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